
A-DA114 305 VOOOWAD-CLYOE CONSULTANTS HOUSTON TX F/S 8/13
STUDY TO 1MV95TZSATE THE EFFECTS OF SKIN FRICTION ON THE PERFOR--ETC(U)

UUC MAR St .J AUIIURT. 0 ASSARVAL, W GAft041R OACA3-8S-C-000I
UNCLASSIFIED TR--I1"



TECHNICAL REPORT GL-82-1

STUDY TO INVESTIGATE THE EFFECTS OF
SKIN FRICTION ON THE PERFORMANCE OF

DRILLED SHAFTS IN COHESIVE SOILS

Volumes I, II, and III.

by

Woodward-Clyde Consultants

7330 Westview Drive
Houston, Tex. 77055

March 1982

Final Report

Approved For Public Release; Distribution Unlimited

Prepared for Office, Chief of Engineers, U. S. Army

.. Washington, D. C. 20314 A ELECTE,:
Lunder Work Unit AT40/EO/006 MAY 5 1982

Monitored by Geotechnical Laboratory
U. S. Army Engineer Waterways Experiment Station A

P. 0. Box 631, Vicksburg, Miss. 3918005 05 010



4

Do not destroy this report when no longer needed.
Return it to the originator.

The findings in this report are not to be construed as an official
Department of the Army position unless so designated.

by other authorized documents.

The contents of this report are not to be used for

advertising, publication, or promotional purposes.
Citation of trade names does not constitute an
official endorsement or approval of the use of

such commercial products.



SECURITY CLASSIFICATION OF THIS PAGE (When Date Entered)

REPORT DOCUMENTATION PAGE READ INSTRUCTIONS
REORe T DOCUMENTATIO." P E oBEFORE COMPLETING FORM

A. REPORT NUMBER 2. GOVT ACCESSION NO. 3. RECIPIENT'S CATALOG NUMBER

Technical Report GL-82-l I/... _ .. "-.

4. TITLE (end Subtitle) S. TYPE OF REPORT & PERIOD COVERED

STUDY TO INVESTIGATE THE EFFECTS OF SKIN
FRICTION ON THE PERFORMANCE OF DRILLED SHAFTS Final report
IN COHESIVE SOILS; Volumes I, II, and III B. PERFORMING ORG. REPORT NUMBER

7. AUTHOR(.) B. CONTRACT OR GRANT NUMBER(e)

DACA39-80-C-0001

9. PERFORMING ORGANIZATION NAME AND ADDRESS 10. PROGRAM ELEMENT, PROJECT. TASK
AREA & WORK UNIT NUMBERS

Woodward-Clyde 
Consultants

7330 Westview Drive
Houston, Tex. 77055 Work Unit AT40/E0/006

II. CONTROLLING OFFICE NAME AND ADDRESS 12. REPORT DATE

Office, Chief of Engineers, U. S. Army March 1982

Washington, D. C. 20314 13. NUMBER OF PAGES

359
14. MONITORING AGENCY NAME & ADDRESS(If diffeent from Controlling Office) IS. SECURITY CLASS. (of this report)

U. S. Army Engineer Waterways Experiment Station
Geotechnical Laboratory Unclassified
P. 0. Box 631, Vicksburg, Miss. 39180 IS. DECLASSIFICATION/DOWNGRADING

SCHEDULE
16. DISTRIBUTION STATEMENT (of thle Report)

Approved for public release; distribution unlimited.

17. DISTRIBUTION STATEMENT (of the abstract entered In Block 20, If different from Report)

1. SUPPLEMENTARY NOTES

Available from National Technical Information Service, 5285 Port Royal Road,
Springfield, Va. 22151.

19. KEY WORDS (Continue on reveree aide If neceee y nd Identify by block number)

2& Awfp~cr (c e - rever fe* IV nineedmdY and ide#~fy by block ombet)

The general objective of this study was to investigate the effects of
skin friction on performance of drilled shafts in cohesive soils. The inves-

tigation was conducted and discussed here in three stages: field, laboratory,
and theoretical analyses.

Four test shafts were constructed in 1969 at a test site located in

southeastern Houston, Texas, where detailed subsurface exploration and soil
characterizations had been made. Load tests on the carefully instrumented

(Continued)

DO ,N 10W3 WraTION OF I NOV 65 IS OBSOLETE Ulassified

SECURITY CLASSIFICATION OF THIS PAGE (Unm Date Entered)



Unclassified
SECURITY CLASSIFICATION OF THIS PAGE(libra Daa 5e0mmW

?0. ABSTRACT (Continued).

test shafts produced high-quality data documented in a series of reports made
available to the public.

For this study, a thorough subsurface investigation was performed to
provide a detailed evaluation of the soil and groundwater conditions existing
at the test site. Representative samples of the subsoils were obtained for
laboratory analyses. Pressuremeter tests, borehole shear tests and static
cone penetrometer soundings were also conducted.

The geotechnical laboratory investigation was conducted to provide a
characterization of the in-situ soil properties and parameters as well as
their state-of-stress. Tests to investigate the pertinent physical and index
properties of represaetative soil samples were conducted., Direct shear,

- tlaxial compression, an-6-h-ei-imensf5ha-i-consolidation-tests were conducted
to evaluate the strength and deformation characteristics of the in-situ soils.
Both consolidated isotropic undrained triaxial compression (CIU) tests with
pore pressure measurements and unconsolidated undrained (UU) tests were per-
formed. The coefficient of earth pressure at rest (K.) was evaluated. Specia
direct shear tests were run to assess the redidual strength of the soil.
Tests were conducted to investigate mortar-soil interface shear characteris-
tics as a simulation of shaft-soil interaction under load. The effect of soil
property changing with time was also investigated.

Various methods of evaluating the ultimate shaft friction of drilled
shats in cohesive soils were described and assessed..!valuation of ultimate
shaft friction was first made by theoretically based techniques, such as
Alpha (a), Beta (a), and effective stress methods, which utilized basic soil
properties to predict shaft friction. Subsequently, other techniques were
investigated including application of laboratory soil-mortar interface
shear measurement and in-situ borehole shear test. The application of moisture
migration concepts to the prediction of shaft friction was also investigated,
The load-settlement analysis selected for this study focused on a numerical
load-transfer technique. This work included derivation of load-transfer curves
from load test results, prediction of the load-settlement response of these
shafts, and the comparison of these data to the actual measured data.
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PREFACE

The work described in this report was performed under Contract No.

DACA39-BO-C-OO0l (Neg), "Study to Investigate the Effects of Skin Fric-

tion on the Performance of Drilled Shafts in Cohesive Soils," between

the U. S. Army Engineer Waterways Experiment Station and Woodward-Clyde

Consultants MWCC) during the period from December 1978 to August 1981.

This work is part of an effort to develop improved design and construc-

tion procedures in support of Work Unit AT4O/EO/006, "Development of

Methodology for Design of Drilled Piers in Cohesive Soils," sponsored by

the Office, Chief of Engineers, U. S. Army.

The general objective of this work is to provide improved under-

standing of the effects of skin friction on the performance of drilled

shafts in cohesive soils. This was accomplished by completing field and

laboratory soil tests in Beaumont clay of Houston, Texas, and conducting

analyses to predict the performance of drilled shafts that had been

constructed and load tested in 1969 and to determine any changes as a

result of time effects. Mr. W. S. Gardner, Executive Vice President of

Woodward-Clyde Consultants, was Principal Investigator, and Mr. G. L.

Baker, Vice President, was Project Manager.

The investigation was conducted in three stages: field, laboratory

and theoretical analyses. Thus, the report is issued in three separate

volumes (all contained herein) as follows:

Volume I - "Field investigation" describes the field investi-

gation phase of this study, presents the background

information, site selection criteria, and scope of

the work, describes the vertical and horizontal

soil sampling programs, and the in-situ testing

program.

Volume II -"Laboratory Testing" presents a description of the

laboratory testing program, the laboratory test



results and a characterization of pertinent soil

properties and parameters from both the field and

laboratory test data.

Volume III - "Assessment and Prediction of Skin Friction of

Shafts in Beaumont Clay" presents a description of

the assessment of techniques relevant to the pre-

diction of the ultimate skin friction of shafts

drilled in cohesive soils as well as a prediction of

the load-settlement relationship of such shafts.

The field investigation of this study (Volume I) was performed un-

der the direction of Mr. W. S. Gardner and Mr. G. L. Baker by Dr. J.

Audibert and Mr. D. Aggarwal. The laboratory investigation (Volume II)

was performed under the direction of Mr. Gardner by Dr. R. Singh, with

the assistance of Mr. J. Kim. The theoretical analysis (Volume III) was

performed by Mr. Gardner and Dr. Sircar (Load-Deformation Prediction)

with assistance from Dr. Singh and Mr. W. Ping. The report was final-

ized under the direction of Mr. Baker and Mr. Gardner.

The contract was monitored by Dr. Lawrence D. Johnson, Research

Group, Soil Mechanics Division (SMD), Geotechnical Laboratory (GL), un-

der the supervision of Mr. G. B. Mitchell, SMD, Mr. C. L. McAnear,

Chief, SMD, GL, and Dr. William F. Marcuson III, Chief, GL. Directors

of WES during the conduct of this study were COL Nelson P. Conover, CE,

and COL Tilford C. Creel, CE. The Technical Director was Mr. F. R.

Brown.
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CONVERSION FACTORS, U. S. CUSTOMARY TO METRIC (SI)
UNITS OF MEASUREMENT

U. S. customary units of measurement can be converted to metric (SI)

units as follows:

Multiply By To Obtain

feet 0.3048 metres

inches 2.54 centimetres

kips (force) 4448.222 newtons

kips (force) per square foot 47.88026 kilopascals

miles (U. S. statute) 1.609347 kilometres

pounds (force) 4.448222 newtons

pounds (force) per square
foot 47.88026 pascals

pounds (force) per square 6894.757 pascals
inch

pounds (mass) per cubic foot 16.01846 kilograms per cubic metre

tons (2000 lb, mass) 907.1847 kilograms

tons (mass) per square foot 9764.856 kilograms per square metre
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STUDY TO INVESTIGATE THE EFFECTS OF SKIN FRICTION ON THE

PERFORMANCE OF DRILLED SHAFTS IN CO)HESIVE SOILS

VOLUME I - FIELD INVESTIGATION

PART I: INTRODUCTION

A drilled shaft is formed by baring an open cylindrical hole into

the soil and subsequently filling the hole with concrete. Excavation is

accomplished usually by a mobile drilling rig equipped with a large

helical auger or a cylindrical drilling bucket. Once in place, a

drilled shaft acts essentially like a driven pile, except that its

behavior under load may differ because of the dissimilar geometries and

installation techniques.

A typical drilled shaft is shown in Figure 1. Other terminology

commonly used to describe a drilled shaft includes: drilled pier,

drilled caisson, and bared pile.

The prediction of shaft performance and design of drilled shafts

in cohesive soils involve complex interrelationships that include numier-

ous factors such as method of installation, stress-strain behavior and

heterogeneity of foundation soils, dragdown from consolidation and

uplift from swell of surrounding cohesive soils, vertical and lateral

loads applied to the shaft, effects of adjacent shafts, changes in soil

strength and adhesion between soil and shaft due to changes in moisture,

and geometry and orientation of the shaft.

Existing theories and empirical procedures are often overly con-

servative and do not lead to optimum efficiency. Field tests are com-

monly needed to check the design of shaft foundations.

The U. S. Army Engineer Waterways Experiment Station (WES), Vicks-

burg, Mississippi, is conducting work to develop improved methodology

for design of drilled concrete shafts in cohesive soils. One important

aspect of this work is to evaluate the effects of skin friction on the
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performance of drilled shafts from results of laboratory tests on soil

samples and field load tests.

Woodward-Clyde Consultants (WCC) conducted this study for WES in

three stages including (1) field investigation, (2) laboratory testing,

and (3) geotechnical engineering analyses.

An appropriate site was identified by WCC prior to commencing the

study. The site selection criteria were as follows:

a. Soil conditions are well documented and characterized.

b. Drilled shafts were installed on site some years ago (5 to 10

years ago).

C. Drilled shafts were load tested shortly after construction,
and are still accessible today.

d. Present site and shaft conditions are such as to allow
assessment of effect of time on load transfer and soil pro-
perties evolution in shaft vicinity.

Four test shafts were constructed at a test site located on Texas

State Department of Highways and Public Transportation (THD) right-of-

way at the intersection of State Highway 225 and Interstate Highway 610

in southeastern Houston, Texas (Fig. 2a). The detailed subsurface

exploration and soil characterizations had been made in 1969, and load

tests on four carefully instrumented test shafts produced high-quality

data documented in a series of reports published by the Center for

Highway Research of the University of Texas at Austin (O'Neill and

Reese, 1970).

The load tests had been performed on all four test shafts at this

location and three of these shafts (S-2, S-3 and S-4) still exist be-

neath a shallow (3 to 4 ft)* fill. The locations of the test shafts and

the previous borings are shown on Figure 2b. Profiles of soil composi-

tion and test shafts are shown on Figure 2c.

*A table of factors for converting U. S. customary units of measurement
to metric (SI) units is presented on page iv.
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PART II: SCOPE OF WORK

The scope of work of the field investigation consists of the

following items:

a. Select a test site that had the characteristics necessary for
the prescribed study.

b. Perform a thorough subsurface investigation to provide a
detailed evaluation of the soil and groundwater conditions
existing at the test site and to obtain representative sam-
ples of the subsoils suitable for laboratory analyses.

c. Obtain block samples (approximately 1-ft cube) to be exca-
vated from the access shaft at depths 7, 11, 15, 19, and 23
ft to check for disturbance in the boring samples.

d. Conduct pressuremeter tests in a boring close to the drilled
shaft to establish the in-situ state of horizontal stress
near the drilled shaft so as to improve the hindcasting
analysis using the results of special laboratory and/or in-
situ interface shear tests to predict the load transfer along
the drilled shafts.

Borehole shear tests and static cone penetrometer soundings were

internally funded by the Professional Development Committee of Woodward-

Clyde Consultants and the results made available to this study.

The scope of the geotechnical laboratory investigation is to

provide a characterization of the in-situ soil properties and parameters

as well as their state-of-stress. The laboratory testing program con-

sists of the following:

a. handling and testing of representative soil samples;

b. physical and index property tests;

c. triaxial compression and one-dimensional consolidation tests;

d. direct shear and residual strength tests;

e. mortar-soil interface tests; and

f. earth pressure-at-rest tests.

The laboratory test results were characterized in terms of:
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a. stratigraphy;

b. stress state;

c. undrained, drained and residual shear strengths;

d. deformation characteristics;

e. interface shear; and

f. soil property changes with time.

The scope of the analytic investigation is subdivided into (1) a

detailed interpretation of the load test results, (2) an evaluation of

the ultimate shaft resistance in comparison with the existing load test

data, and (3) evaluation of the conformance of load-settlement predic-

tions with the observed behavior of the test shafts.

Evaluation of the ultimate shaft friction was first made by theor-

etically based techniques which utilized basic soil property to predict

shaft friction. Subsequently, other techniques were investigated in-

cluding application of laboratory soil-mortar interface shear measure-

ment, and in-situ borehole shear test. In addition, the application of

moisture migration concepts to the prediction of shaft friction was also

investigated. Evaluation of the load-settlement analyses was focused on

a numerical load-transfer technique. This work included derivation of

load-transfer curves from load test results and prediction of the load-

settlement behavior of the test shafts.

5



PART III: ANALYSIS OF LOAD TEST RESULTS

The shaft load transfer reflecting the mean deformation of the

shaft versus total shaft load was first analyzed using the interpreta-

tion of the instrumented load tests provided by O'Neill and Reese for

each of the four shaft types employed. An interpretation of the Shaft

S-1 load distribution data provided by O'Neill and Reese was subsequent-

ly used to conduct an independent interpretation of the load-transfer

curves at each level of instrumentation. The results of these analyses

are summnarized in the following sections.

Shaft and Load-Test Data

Test Shaft S-1 was selected for detailed analysis. For

interpretation of the load-transfer curves, the diameter of S-1 was

assumed to be 2.5 ft and the shaft length 23.1 ft. Note that upon a

subsequent removal of the shaft, an average diameter of 2.56 ft was

measured.

The first loading of the shaft was conducted by applying loads in

increments of 5 or 10 tons every 2.5 minutes. Loading continued until

plunging of the shaft was observed. Subsequent to unloading, a second

load test was immnediately conducted to investigate reloading effects.

Finally, 3.5 months after the initial testing, a third load test was

conducted to investigate the effects of setup on the shaft capacity.

Top Deformation-Total Shaft Load Behavior

The total shaft (skin friction) and base load curve versus top

deformation curves reported by O'Neill and Reese f or each of the test

shafts are reproduced in Appendix B as Figures El through B4. The peak

and minimum post-peak ultimate shaft load and the associated mean def or-

mation shaft at the top of the shaft are tabulated in Table 1 for the

four shafts tested.

6



A piezometer was installed in Boring B-1 and is shown in Figure 3 as

P- 1.

A Shelby tube could not be retrieved at 14-ft depth in Boring

B-2. A new boring (Boring B-2A) was made 6 in. further away from Shaft

S-3. This second location is shown in Figure 3 and identified as P-2,

indicating that a piezometer was installed in this boring. Boring B-3

also had to be relocated when bad weather prevented drilling the boring

beyond 10-ft depth and the hole caved in. The new location (Boring

B-3A) was drilled 14 ft 6 in. away from Shaft S-3 and is identified in

Figure 3 as P-3, indicating that a piezometer was installed at this

location. The field logs for each of the borings are presented in

Appendix A.

The Sinco diaphragm-type piezometers installed in each boring had

their tips at different elevations so as to enable an evaluation of any

peculiarity in the piezometric profile. The method of installation of

the piezometers, the depths of the tips and the measurement results are

discussed later in this report in the section on in-situ tests.

Five pressuremeter tests were conducted in Boring B-1 and one

pressuremeter test was conducted in Boring B-3. The pressuremeter tests

and their results are discussed in the section on in-situ tests.

Five other vertical borings (BHS-l through BHS-5) were drilled at

the site (see Fig. 3) to make borehole shear tests at various depths.

The test procedures and results are discussed later in this report in

the section on in-situ tests.

Horizontal Sampling

Horizontal-oriented samples were obtained at depths of 7, 11, 15,

19 and 23 ft adjacent to Shaft S-3. The purpose of these samples was to

obtain detailed information relative to the change in soil properties

outward from the face of the shaft and to permit direct shear tests with

a failure plane parallel to the vertical movement of the shaft.
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The samples were obtained by drilling and casing a large (5-ft)

diameter access shaft in which a man could work. Before drilling the

access shaft, the exact location of Shaft S-3 was determined and the top

of the shaft uncovered. Inspection of the top of Shaft S-3 indicated

that the instrumentation cable appeared to be intact and could perhaps

be reused if load tests on this shaft are to be performed in the fu-

ture. With the location of Shaft S-3 known, the access shaft could be

located approximately 4 ft away so as to allow two successive 2-ft-long

samples to be obtained between the access shaft and Shaft S-3 at the

desired depths.

The first 5-ft-diameter access shaft, shown as location #1 in

Figure 3, was augered with its center 8.3 ft away from the center of

Shaft S-3 so as to result in a distance of 52 in. between the near edge

offset of the access shaft and the concrete shaft face of Shaft S-3.

This hole caved in below 13 ft due to a 48-hr delay in the delivery of

the corrugated metal pipe (CMP) casing by the supplier. The location

was abandoned and the hole backfilled to within about 4 ft of the ground

surface. The shallow pit was later used to check out the horizontal

sampling system and procedures specially developed for this project. A

second exploratory shaft (location #2 in Fig. 3) was then augered and

cased as planned.

The horizontally oriented Shelby tube samples were obtained using

30-in.-long by 4-1/2-in.-diameter steel thin-walled tubes. Six-inch

holes had been burnt in the casing, before installation, at the desired

sampling depths of 7, 11, 15, 19 and 23 ft. The Shelby tubes were

jacked into the soil using a double acting center hole jack with a 6-in.

stroke (Fig. 4).

A specially designed and machined solid aluminum head with a 1-in.

threaded hole was attached to the top of the Shelby tubes. A 1-in.

threaded rod was screwed into the head and passed through the hollow

piston of the center hole jack.

During insertion of the Shelby tube into the soil the jack reacted

against the opposite wall of the casing (Fig. 4a). The full penetration

8



of the Shelby tube was obtained by several consecutive travels of the

piston and by a combination of blocking of the jack and threading of the

nut on the 1-in, threaded rod.

To retrieve the samples, the jack was turned around and used in a

pulling mode (Fig. 4b). Consecutive travels of the piston were required

to complete the extraction of the tube from the soil.

Two successive samples were obtained at each depth in order to

sample the 51 in. of soil separating the access shaft wall from the face

of Shaft S-3. The pushing of the second tube was terminated when there

was no further movement of the Shelby tube indicating that the tube had

hit the concrete face of Shaft S-3.

The bottom of the access shaft (location #2) was not stable due to

seepage filling the bottom three feet of the casing. Horizontal samp-

ling operations thus could not be carried out at the 23-ft depth. The

access shaft was backfilled 4 ft and sampling operations began at a

depth of 19 ft. However, once the first sample had been obtained at the

19-ft depth, at a distance of 2 to 4 ft away from Shaft S-3, water

started seeping in very steadily, causing temporary suspension of the

sampling operation.

When the sampling operations were resumed, the water which had

filled the access shaft to a depth of 12 ft, approximately to the depth

of the groundwater level (Appendix E) was pumped out using a sump pump

and a wooden platform placed on the soft bottom. The second sample

(closest to Shaft S-3) at the 19-ft depth was then obtained.

The access shaft was then backfilled to a depth of 15 ft and the

horizontal Shelby tube samples obtained. Similarly, samples were ob-

tained at depths of 11 and 7 ft.

Once all the horizontal Shelby tube samples had been obtained, the

access hole was backf illed to a depth of 2 ft, the CMP casing torch cut

at that level and the rest of the access shaft backfilled.

9



Denison Sampling

Because it would not have been practical and safe (no casing could

have been installed while augering down the access shaft) to obtain

block samples as originally planned, large diameter Denison samples were

obtained in the "free field", southwest of Shaft S-3, at a distance of

36 ft from the center of Shaft S-3. The Denison samples were obtained

at depths of 5, 7, 11, 15, 19 and 23 ft. Each sample was 5-1/2-in.

nominal diameter and 2 ft in length.

The Denison core barrel (Fig. 5) recovers a relatively large

sample in the inner, non-rotating barrel. The inner barrel is lined

with a thin sheet metal liner so that the samples can be recovered and

preserved in the same manner as when using thin-wall Shelby tube sam-

pler s.

In a Denison core barrel, the inner tube and cutter bit precede

the rotating outer tube into the formation, thus improving the chances

of retrieving an undisturbed and uncontaminated (by the drilling fluid)

sample. The sheet metal liner further helps in preventing contamination

or physical disturbance of the soil sample during removal from the

sampler.

After the liner was removed, the sample was identified and logged

and the ends of the liner were sealed using a non-shrink wax.

10



PART IV: IN-SITU TESTING

Pressuremeter Test Program

Pressuremeter Testing

Six pressuremeter tests were performed in Boring B-I and one test

in Boring B-3 using the WCC Menard Type GA pressuremeter system.

As shown in Figure 6, the pressuremeter apparatus consists of a

probe, a volume measurement and pressure-control instrument, and a gas-

supply tank. The cylindrical probe contains an expandable rubber mem-

brane (measuring cell) and two contiguous independently expandable guard

cells. The measurement system and the measurement cell are filled with

water and the volume change induced in the measuring cell is measured by

the sight tube volumeter. Expansion of the measuring cell is controlled

by applying gas pressure from the gas-supply tank to the fluid column

through a pressure regulator system. The pressure-control system con-

tains a fluid regulator and a differential pressure regulator. This

regulator maintains a constant differential pressure of one bar between

the fluid pressure in the measuring cell and the gas pressure in the

guard cell at all times during the test. Pressure gages measure the

pressure in both the guard cell and in the measuring cell.

The key to obtaining good quality results is careful hole prepara-

tion. The borings were advanced by taking a 24-in.-long, 3-in.-diameter

Shelby tube sample. A 34-in.-long, 2.5-in.-diameter Shelby tube sample

was taken at the level of the pressuremeter test and then immediately

inserting the pressuremeter probe into this smaller diameter sampling

hole. The pressuremeter tests were conducted in pre-drilled holes by

expanding both the measuring and guard cells against the walls of the

soil boring. This process was repeated to a depth of 34 ft utilizing a

flight auger or rotary wash drilling under the water table to clean out

the hole after testing and large diameter sampling. UndraineG oressure-

meter tests were performed utilizing a standard one minute stress inter-

val duration with an unload-reload cycle midway through the test. Fur-
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ther information on the pressuremeter apparatus and test procedure is

presented by Baguelin, et al. (1978).

Testing Results

Pressuremeter test curves for Borings B-I and B-3 are presented in

Appendix B. Soil properties have been interpreted from the test curves

and are summarized in Table 1.
In-situ Stresses. The in-situ horizontal effective stress was

determined from the configuration of the initial portion of the pres-
suremeter test curve. An independent check of the interpreted horizon-

tal stress by a relationship proposed by Marsland and Randolph (1977)

was also utilized. According to their suggested relationship, the peak

pressure below which the pressuremeter stress-strain response is linear

should correspond to a pressure P

Pf = P0 + Su (1)

where: Po = total horizontal ground stress measured by the

pressuremeter; and

Su  undrained shear strength.

The undrained shear strength is determined as discussed later in

this section. Values of P are iterated until the Marsland and Randolph
0

relationship is satisfied. A typical pressuremeter test curve showing

an interpretation of P0 and pf is shown in Figure 7. Values of the in-

situ horizontal effective stress are plotted on Figure 8. Also plotted

on this figure are lines of horizontal effective stress which correspond

to specific values of the coefficient of earth pressure at rest, Ko,

which relates the horizontal effective stress h to vertical effective

stress 7 by:v

0h = K0 (2)
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Brooker and Ireland (1965) presented data on stiff clays which

suggested that a relationship between Ko , overconsolidation ratio (OCR),

and angle of internal friction (f), exists for each type of clay:

K = (I- sin fl)OCRm (3)0

where: m = 0.58(PI)-012

with: PI = plasticity index of the soil.

O'Neill and Reese (1972) suggest that OCR = 4, = 20 degrees, and

PI = 20 percent may be representative for the Beaumont clay formation

found at this site. Using these data, a K value of 1.1 would be calcu-0

lated by Equation 3.

Since the pressuremeter-derived K values are significantly higher

than 1.1, the pressuremeter curves were reinterpreted to obtain lower

limit values of Gh which are also plotted on Figure 8. These lower

limit values represent an absolute minimum using the Davidson (1979)

procedure which was not subject to the Marsland and Randolph check.

These minimum horizontal stress values are much closer to the K sug-0

gested by Brooker and Ireland, but they still are over 20 percent high-

er. The higher pressuremeter-derived K values may be explained by the0

fact that overconsolidation of the Beaumont clay was caused by desicca-

tion and not previous overburden loading. The Brooker and Ireland

relationships were developed for preloaded clays and may not be strictly

valid for desiccated clays.

A horizontal OCR can also be interpreted from the pressuremeter

curve as:

f h max
OCR Po - max (4)

0 (

where: u = ambient pore pressure

ah max = maximum past horizontal effective stress
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Values of pressuremeter OCR ranging from 2.2 to 4.7, with an

average of 3.6, were obtained and appear to be in agreement with

O'Neill's data.

Elastic Modulus. An elastic modulus E can be calculated from

the linear portion, or "pseudo elastic" portion, of the pressuremeter

test curve (see Fig. 7).

E = 2(l + )V AP (5)

V = Vi + AV (6)

where: V = Poisson's ratio,

AV 0 volume change corresponding to pop

Ap/Av = linear slope of test curve, and

V. = initial volume of probe.1

Initial pressuremeter modulus values are plotted in Figure 9. An

unload-reload modulus can also be determined from the linear portion of

the unload-reload cycle of the pressuremeter curve. Unload-reload

pressuremeter moduli are also plotted in Figure 9.

Pressuremeter test results obtained during other projects on the

stiff clays in Houston (Merritt, Davidson and Baker, 1979), Chicago

(Davidson and Perez, 1979) and Seattle (Davidson and Perez, 1980) have

indicated that the initial pressuremeter modulus is not the initial

tangent modulus of the soil, but a modulus which is influenced by the

level of stress relief or unloading of the soil during hole prepara-

tion. This modulus typically equals or exceeds the initial tangent

modulus from unconfined compression (UC) or unconsolidated-undrained

triaxial (UU) tests on fissured clay. However, compared to good quality

laboratory tests such as anisotropically-consolidated-undrained (CU)

triaxial testing, the initial pressuremeter modulus falls somewhere

between the secant modulus at 50 percent of the peak stress and secant

modulus at failure. These trends are in apparent agreement with the
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data on this project based on the laboratory test results reported by

O'Neill and Reese (1972).

Comparisons of Menard pressuremeter test results with self-boring

pressuremeter, CU triaxial and plane strain triaxial test results on the

Seattle stiff clay (Davidson and Perez, 1980) revealed that the unload-

reload modulus was approximately equal to the "true" initial tangent

modulus of the soil. This "true" modulus was back-calculated from

measured performance of a tied-back excavation which was modeled using

the finite element method. Therefore, the significantly higher unload-

reload pressuremeter moduli may, in fact, be a more realistic measure of

the actual in-situ initial tangent modulus of the Beaumont clay.

Undrained Shear Strength. The undrained shear strength, Su , was

determined from the failure portion of the pressuremeter test curves

using the Gibson and Anderson (1961) procedure:

S - P0  (7)
u

where: P = pressuremeter limit pressure

= pressuremeter bearing capacity factor (similar to the

bearing capacity factor Nc for long footings, Cal-

houn, 1970)

= 5.1 for stiff clay.

Pressuremeter derived undrained shear strengths are plotted in

Figure 10. Alternatively, the undrained shear strength can be deter-

mined as the peak of a shear stress-strain curve developed from the

pressuremeter curve following a theoretical equation presented by Palmer

(1972), Ladanyi (1972), and Baguelin, et al. (1972).

(or-c )/2 = (dP/de)r cr (8)

where: ( r-a )/2 = shear stress
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(dP/d:) r  = slope of pressuremeter press adial strain

curve

C = radial strain.
r>n

Using a simpli procedure developed by Wroth and Hughes (1973)

and moditi -1j91rsland and Randolph (1977), undrained shear strength

were calculated and plotted on Figure 10. Note that the Marsland

and Randolph (1977) procedure always yields higher shear strengths

because these strengths are peak strengths at a small strain and may be

influenced by hole disturbance. The Gibson and Anderson (1961) shear

strength may reflect residual strengths which are measured at larger

strains.

WCC's experience in Houston, Chicago and Seattle indicates that

the Gibson and Anderson (1961) undrained shear strength generally agrees

with the shear strengths determined from good quality laboratory

tests. The Marsland and Randolph (1977) shear strengths are usually 15

to 40 percent higher than the Gibson and Anderson (1961) shear

strengths. The higher disparities are encountered in soils which exper-

ience a higher level of hole preparation disturbance which is controlled

by the strength of the soil and the type of hole preparation method.

Also plotted in Figure 10 is the shear strength profile from UU

tests performed at this site as reported by O'Neill and Reese (1972).

Near the surface the pressuremeter and laboratory strengths agree, but

the deeper pressuremeter tests indicate strengths which are 50 to 100

percent larger than the laboratory tests. The wide disparity at 30 ft

may be due to a change in material; the coarser grained saturated silt

can be easily tested by the pressuremeter, but may b disturbed in

sampling and sample preparation for laboratory testing.

Conclusions

The Menard pressuremeter tests have indicated that:

a. Higher horizontal stresses may exist near the pier than would
be anticipated based on relationships for stiff clays presented
by Brooker and Ireland (1965).
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b. Higher initial tangent modulus values were measured by the
pressuremeter than were indicated from the results of UU triax-
ial testing reported by O'Neill and R(eese (1972).

c. Undrained shear strengths determined from the pressuremeter
were in agreement with UU triaxial test shear strength in the
upper 10 ft of the soil profile. Below 10 ft of depth, the
pressuremeter shear strengths were 50 to 100 percent higher

than the l,0oratory test strungths reported by O'Neill ani
Reese (1972). No significant decrease in strength for the
silt layer at 30 ft was revealed by the pressuremeter irn
contrast with that indicated by the laboratory testing.

Borehole Shear Test Program

Introduction

This section contains the results of a field testing program con-

sisting of a series of borehole shear tests using a specially modified

device to simulate a concrete-soil interface. The field testing program

is part of an applied research project funded by the Professional Devel-

opment Committee of Woodward-Clyde Consultants and was conducted in

-onjunction with the WES project described in this report.

The Bore Hole Shear Device

The borehole shear test was developed by Handy and Fox (1967) at

Iowa State University (ISU) in 1964 as an in-situ test method that would

provide the soil shear strength parameters C and . The borehole shear

test equipment is a portable hand-operated kit, sized for use in a 3-in.-

diameter test hole and with sufficient rods and pneumatic tubing to

permit testing to a depth of about 24 ft. The test is similar to the

direct shear test in that normal and shearing forces are applied to a

thin shear zone of predetermined orientation and size. As in the direct

shear test, drainage can be controlled only by varying the consolidation

time and the shear strain rate.

The conventional borehole shear test apparatus consists of two

grooved steel plates, each comprising about 90 degrees of a cylindrical,

surface, that are pressed against the walls of the borehole by a pneu-

matic cylinder actuated by pressurized CO2 (see Fig. 11). The normal
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pressure between the plates and the soil is controlled and measured by a

regulator and Bourdon tube gage in the CO system. After the normal

pressure has been applied f or a preselected consolidation time, the

plates are pulled axially up the hole by a small work gear jack, and the

pulling force is measured using a load cell that consists of two hydrau-

lic cylinders and a Bourdon tube gage. Axial displacement during shear

is monitored by marking the gears of the pulling jack, and the pulling

force is read at predetermined displacement intervals. When the pulling

force reaches an ultimate value, indicating shear of the soil along a

surface parallel to the face of the p~lates, the pulling force is re-

laxed. The normal pressure is increased and after a similar consolida-

tion period shear is again induced. This process is repeated several

times, resulting in a shear strength versus normal pressure relationship

similar to the results of a series of direct shear tests. Normally,

stage testing appears to give the same results as relocating the shear

plates on a fresh surface for each newv normal pressure increment.

Presumably, a new failure surface develops in fresh soil a slight dis-

tance further from the plates during each increment.

Published results (Lohnes and liandy, 1969; Wineland, 1976; Nickel,

1976) have been based largely on tests on partially saturated silty

clays, saturated silts, and soft clays. For such soils the "normal"

consolidation time of 5 minutes and shear displacement rate of .002

in./sec. appear to give consolidated-drained strength parameters. For

overconsolidated highly plastic clays these procedures appear to give

undrained or intermediate results. A set of smaller shear plates with

more widely spaced teeth was recently developed for use in very stiff

clays (Lutenegger, et al., 1978).

Description of Test Equipment

For this project the standard borehole shear test equipment manu-

factured by Handy Geotechnical Instruments, Inc., Ames, Iowa, was

used. The only modification was the substitution of specially con-

structed concrete shear plates in place of the grooved steel plates.
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The normal steel shear plates are 2 in. wide by 2.5 in. high. The

gages limit the maximum stress measurement range to about 7 ksf using

the standard shear plates.

The concrete shear plates were about 1.5 in. wide by 2.8 in. high

and had a cylindrical radius of 1.5 in. The plates were cast in a

smooth brass mold using Type III cement, water and sand passing a #10

sieve. Mix proportions and a gradation curve for the sand are contained

in Appendix C. After curing under water for several days the concrete

plates were air-dried and glued to steel backing plates using epoxy

cement. The plates were then roughened by sanding with sandpaper and

brushing lightly with a wire brush.

The test equipment was calibrated in the Houston WCC laboratory.

Calibration procedures and results are presented in Appendix D.

Test Procedures and Results

The tests were performed at five general depths. To facilitate

coordination with use of the drilling rig for other operations on the

site, a separate boring was drilled for each test depth. Each boring

was drilled with a 4-in.-diameter flight auger to a depth about 1 ft

above the desired test depth. The test section itself was formed by

sampling with a standard 3-in.-OD Shelby tube pushed 24 in. Because the

concrete shear plates were slightly thicker than the original steel

plates, there was insufficient clearance to insert the test unit into

the hole formed by the Shelby tube, and it was necessary to ream each

hole using the special reamer provided with the test kit. The reamer is

a slotted length of 3-in.-OD Shelby tube with a scalloped sharpened

cutting edge. The reamer was attached to a handle of 1/2-in, pipe and

pushed and turned into the hole by hand. Very thin shavings of the clay

were obtained. It was not possible to observe the final condition of

the test surface.

During the course of the testing program, several of the test

procedures were varied so as to determine their effects on the re-

sults. Test 1 was conducted as a staged test; that is, without relocat-

ing the shear plates to a fresh soil surface for each normal pressure
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increment, using the recommended 5 minute consolidation time and .002

in./sec shear displacement rate. One point of the test was then rerun

with the test head rotated 90 degrees to relocate the shear plates on a

fresh soil surface.

Test 2 was then run 6 in. lower in the same boring with a consoli-

dation time of 30 minutes and a displacement rate of .0002 in./sec. The

second point of Test 2 gave a much lower strength than those obtained in

F Test 1, but when the shear plates were relocated to the fresh surface

and the second point rerun, the results were similar to those of TC.;t

1. It was concluded that consolidation times and shear rates were not

critical, and thereafter the tests were generally conducted with a

consolidation time of 10 minutes and a displacement rate of .0005

in. /sec.

The fourth point of Test 8 was repeated twice, resetting the

plates to their original position each time, to check the effects of

remolding. The effect on the peak shear stress was found to be slight.

A free subsurface water table was indicated at a depth of about 13

ft from observations in a boring that stood open overnight. Free water

entered Borings 1 and 2, and Tests 6 and 7 were conducted beneath the

water surface. A trace of water was observed below the level of Test 8

in Boring 5. Test 5 was conducted well above the water table, but water

was added to the boring one-half hour before testing. The fifth point

of Test 5, conducted in an inundated hole, was repeated using a consoli-

dation time of 30 minutes and a displacement rate of .0001 in./sec.I Again, the effect on the results was miall.

The concrete shear plates were not used for Test 4. Instead, the

l-in.--square shear plates with two teeth, recently developed at ISU for

use in very stiff clays, were used. The device was removed from the

boring after each test increment, inspected, and relocated to fresh soil

for each new increment as recommended. It was observed that after each

of the first two shear increments, the plates were not fully covered

with soil, but contained a small wedge of clay ahead of each tooth.

After the third and fourth points, the shear plates were fully covered

with a cake of soil about 0.1 to 0.15 in. thick.
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Discussion of Results

The strength envelopes and stress-displacement curves obtained for

the eight tests are presented in Figures 12 through 20. During calibra-

tion it was discovered that significant compression of the load cell

occurred, and the measured displacements have been corrected for com-

pression. Because it is difficult to begin a shear increment at exactly

zero shear stress, the curves have also been adjusted visually to begin

at the origin.

The strength envelopes were drawn through the data points using

linear regression. In general, the data points closely fit the linear

strength envelopes. The cohesion intercept and angle of shearing resis-

tance determined in this manner for each test are listed in Table 2.

Because the test is essentially an interface friction test rather

than a soil shear test, the terms "cohesion" and "angle of internal

friction" do not strictly apply. It was observed after each test that

very little soil clung to the face of the shear plates. The shear

plates were slightly dirty, but the aggregate was always visible. This

would appear to indicate that the movement took place at the interface

rather than within the soil. The very low values of shear displacement

at peak shear stress would also appear to indicate an interface failure.

Conclusions

a. The borehole shear tests have indicated that the tests gave
consistent results with linear relationships between peak shear
stress and applied norm~al stress.

b. The test results were insensitive to consolidation tine and
shear displacement rate within practical ranges.

c. The tests conducted below the water table or in inundated holes
produced significantly different results than the tests con-
ducted above the water table.

d. The one test conducted in an inundated hole is similar to those
run below the water table.
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Piezometric Measurements

Sinco diaphragm-type piezometers were installed at each of the

three vertical boring locations and shown as P-1, P-2, and P-3 on the

plot plan showing the location of the soil borings on Figure 3.

The tips of the three piezometers were installed at different

depths. Piezometer P-1, in Boring B-l, was installed at a depth of 26

ft. Piezometer P-2, in Boring B-2A, was installed at a depth of 29.5 ft

below ground surface. Piezometer P-3, in Boring B-3A, was installed at

a depth of 15.5 ft.

Installation Procedure

The piezometers tips were soaked in water for a few hours prior to

installation in the hole. The holes were backfilled with sand to the

depth where the piezometer was to be installed. The piezometers were

held vertically at that depth and about 4 ft of sand poured over the

piezometer tip. The piezometers were then sealed at the top using a 4-

ft-thick layer of bentonite pellets seals. A sketch of the piezometer

installation in each boring is shown on the boring logs in Appendix A.

Piezometer Readings

The piezometers were read using a Sinco pneumatic pore pressure

indicator model 51421-A. The pressure measurements were made in accor-

dance with the instructions supplied with the piezometer instruction

manual by Sinco.

The piezometer readings are presented in Appendix E and summarized

in Table 3. The water table is seen to be located approximately 11 ft

beneath the existing ground level.

Static Cone Penetrometer Tests (CPT)

Introduction

Two static cone penetrometer tests (CPT) were performed at loca-

tions CPT-1 and CPT-2, located as shown in Figure 3, using a mechanical

Dutch cone penetrometer rig shown in Figure 21. The Dutch cone penetro-
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meter is a jacking device which measures penetration resistances of a

specially designed cone as it is pushed into the soil. The magnitude of

the measured resistances is an indication of certain soil properties in

situ.

The CPT's were funded by Woodward-Clyde Consultants' Professional

Development Committee and the data are made available to this project

for enhancing the data on site subsurface conditions.

In the following paragraphs the methods for reducing test data

to cc-ie resistances (also called cone bearing values) and for deducing

soil properties from the cone bearing values will only be briefly de-

scribed. A detailed description of the cone, test methods and interpre-

tation of the data is given by Sanglerat (1972). In the United States,

the test methods have been tentatively standardized by ASTM designation

D 3441-75 T.

Reducing the CPT Data

The hydraulic jack, anchored into the soil at the ground surface,

pushes a string of rods into the ground. The lower end of the rods is

equipped with a specially designed cone. The design is such that the

penetration resistance forces acting on the cone are measured at the

surface by means of a manometer.

Two resistances are measured while the cone is being advanced at a

rate of 2 cm/sec. The first is the tip resistance acting on the hori-

zontal cross-sectional area of the cone (10 cm 2). The second resistance

is the sum of the tip resistance and the local friction resistance

acting on the side of the local friction sleeve. The local friction

force acts on the friction sleeve which has a peripheral surface area of

150 cm 2. Since during testing there are no moving parts other than the

cone tip, no other forces are measured. During a cone sounding, tests

are made at intervals of 20 cm in the vertical direction. The first

test is usually made at 40 cm below. grade to insure that the cone tip is

fully embedded into the soil.
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Each test consists of advancing the cone a total distance of 8 cm

in two increments of 4 cm each. This is done in one continuous stroke,
without stopping. The first stroke advances only the cone tip itself,

which gives the tip resistance, R .* As soon as the friction sleeve is

dragged down along with the cone tip, which occurs after the cone tip

has moved 4 cm, the observed resistance increases by the amount of the

friction, RfI of the soil acting on the side of the friction sleeve and

the reading is that of the sum of the cone tip and the friction resis-

tance, R q+ R f*The readings are then transformed into cone resistanceIvalues, or cone bearing values, q c, and local friction, f . Both are
2cexpressed in kg/cm

The friction ratio is also usually calculated from the test data;

it is not a measured value. It is defined as F.R. = f x 100 / q ex-

pressed in percent.

The friction ratio is strictly an empirical correlation between

the test results and soil type classification. Without it, it is never

possible to classify the soils being penetrated. With it, most of the

time the classification is satisfactory.

Soil Classification From the CPT Data

Before determining what the cone bearing values and the local

friction mean in terms of physical and mechanical quantities for soils,

it is first necessary to determine to which type of soil these values

apply, since the interpretation of one specific reading for a clay is

quite different than that for a sand.

This is done using the friction ratio data. It has been observed

through many years of practice and through tens of thousands of tests

that the friction ratio can be accurately correlated with the type of

soil. The correlation between P.R. and soil type has its limitations,

however; the most important one being in the case of peats. This is

because the structure of peats may vary so radically from the micro-

structure to that of matted vegetation. Table 4 summarizes the correla-

tion between soil types and friction ratio.
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Some special cases require more than the F.R. for adequate identi-

fication. For example, clays of moderate to high sensitivity have an

F.R. of 2 or less together with a q of 14 or less. Similarly, the F.R.

alone is not sufficient to distinguish between silts and sandy clays and

clayey sands. However, silts will always have a friction ratio of

between 2 and 5 with cone values varying between about 20 for loose

silts and 60 for dense ones. A sandy clay will exhibit a cone bearing

value of less than 15 if the clay is very stiff and less as the clay

consistency decreases.

Determination of Mechanical and Physical
Properties of Soils From CPT Data

The cone bearing value, qc' is an indication of the in-situ,

undrained shear strength of cohesive soils and of the state of compact-

ness of cohesionless soils.

If the friction ratio is 5 or more, the soils are basically clayey

and their undrained shear strength can be estimated from the qc values

from the following equivalence:

qc/20 < Su < qc/8 in kg/cm 2 or tsf (9)

For a particular clay, a correlation much higher than the general

correlation given above can be obtained. The variations are due to

different proportions of soil type constituents in different clay

soils. When little to no previous data are available, a reasonable

correlation to start from is Su = q/15.

CPT Test Results

As previously mentioned, two CPT soundings were made at the site

(Figs. 22a, 22b). The interpreted shear strength profiles are presented

in Figure 22c.

The excellent resolution of the stratigraphy by means of the Dutch

cone can be easily recognized in Figure 22c. In particular, the silty

layers reflected around 15-and 30-ft depths by the sharp variations in

the Atterberg Limits and natural water content profiles presented by

O'Neill and Reese (1970) are easily identifiable in both the F.R.

and S profiles shown in Fig. 22c.u
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PART V: 0NCLUSIONS

The field testing program enabled soil samples to be obtained for

the extensive laboratory testing program. The field testing program

also exposed the drilled shaft which enabled the inspection of the

exposed shaft, revealing that the instrumentation cable still seemed to

be intact and could perhaps be reused if load tests on this shaft were

to be performed in the future.

The borehole shear interface test gave consistent results with

linear relationships between peak shear stress and applied normal

stress. The test results were insensitive to consolidation time and

shear displacement rate within practical ranges. The tests conducted

below the water table or in inundated holes :-roduced significantly

different results than the tests conducted in the dry. The one test

conducted in an inundated hole gave similar results to those run below

the water table.

The piezometers installed showed that the water table was almost

constant at the site and to be located approximately 11 ft beneath the

existing ground level.

It is recommended that a load test be carried out on drilled shaft

S-3 in order to determine the present long-term capacity of the shaft.

The pressuremeter tests conducted close to the drilled shaft

showed that higher horizontal stresses may exist near the pile than

would be anticipated based on relationships for stiff clays presented by

Brooker and Ireland (1965). Also, higher initial tangent modulus values

were measured by the pressuremeter than were indicated from the results

of UU triaxial testing reported by O'Neill and Reese (1972). Finally,

undrained shear strengths determined from the pressuremeter were in

agreement with UU triaxial tests shear strength in the upper 10 ft of

the soil profile. Below the 10-ft depth, pressuremeter shear strengths

were 50 to 100 percent higher than the laboratory test strengths report-

ed by O'Neill and Reese (1972). No significant decrease in strength for

the silt layer at 30 ft was revealed by the pressuremeter in contrast
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with that indicated by the laboratory test results reported by O'Neill

and Reese (1972).
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Table 2

Summary of Bore Hole Shear Test Results

Anle
Cohesion of Shear

Test Boring Depth Water Intercept Resistance Remarks
Number Number ft Conditions ksf degrees

1 & IA BHS-4 10.8-11.0 None .21 22.3

2 & 2A BHS-4 11.3-11.7 None .08 24.4

3 BHS-3 7.2-7.5 None .17 24.1

I-in.-square
4 BHS-3 7.6-7.7 None 3.09 6.0 grooved steel

plates

5 BHS-3 6.7-7.0 Added .11 13.3

6 BHS-l 22.0-22.2 Standing .16 10.4
at 20.0'

BHS-2 18.8-19.0 Standing .12 10.8
at 17.0'

8 BHS-5A 15.2-15.4 Trace at .21 10.7
16.0'
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Table 4

Identification of Soil Type Using CPT Data

SOIL TYPE 
FRICTION RATIO

pure clay of low sensitivity 8 or more

silty clay to clayey silt 5 to 8

sandy clay to clayey sand 2 to 5

silts 2 to 5

silty sand, fine to medium coarse 1 to 2

coarse clean sands 1 or less

peats varies widely



Axial Load

Diameter

18-36 inches
Typical

Reinforcing
2n .Steel ( if required)

Side Resistance

Bell-May be used or
omitted as desired.

I I \ Size varies - no larger
1 than three times

shaft diameter at
I I I base.

Base Resistance

FIGURE 1. TYPICAL DRILLED SHAFT
(after Reese and Wriqht, 1977)
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IN SITU HORIZONTAL EFFECTIVE STRESS Th t/ft. 2

0 0. 5 1. 0 1.15 2.10

Legend
0 Best Interpretation
c3 Lower Limit Interpretation

10

~- 15
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FIGURE 8. IN-SITU HORIZONTAL EFrECIIVE STRESS
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0 Initial Pressuremeter Modulus
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C Modulus
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00.

FIGURE 9. PRESSUREMETER ELASTIC MODULUS
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FIGURE 10. UNDRAINED SHEAR STRENGTH
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FIGURE 12. BORE HOLE SHEAR TEST RESULTS,

TEST 1
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APPENDIX A

FIELD LOG OF VERTICAL SOIL BORINGS



LOG OF BORING

PROJECT: Lrilled Shaft Study BORING NO.: -

CLIENT: U.S. Army Engineer, Waterways Experiment PROJECT NO.: )C 112
LOCATION: tdO Es 225 East, Houston, Texas DATE: ~--

BORING TYPE: 4-Inch Diameter Flight Auger COMPLETION DEPTH: 34-F,
(CjW~vs Shelby Tube 7jj~les) beneath ~s.~~ .

WATER LEVEL: FT FT MIN. level.

- 4i SHEAR STRENGT, TSF
0 0za 0- POCKET PENETROMETER

aDESCRIPTION In * S LABORATORY UNCONFINED

z A- -TOVANE
L _ _ _ _ _ _ _ _ _ _ _ _ 0.5 1i.0 1.5 2.0 2.5

Brown and gray clay with

calcareou5 nodules.fI

2Tan and gray clay.

4 Red asnO 2ray mottled clay.

Pressure meter test run on,
this section. (34' push,

24' re-covery.

7 Iray and brown clay,

-. R~ motledclay.

!(I Pressure MIeter tests run on
this s (to.C34' push aind

zrrec.overy.)

"12 Red mott!led clIay.

Light red cliy with silt i 71 11

seamns and calcareous de-
pos it.

16
17 __ __________________

UNOISTUNE STNOR N S SILT CLAY
SAMPLE PENETRATION RECOVERY

FlUF'!F Al (a)
WOOOWA11O-CLYO1E CONSULTANT$



LOG OF BORING

PROJECT: Drilled Shaft Study BORING NO.: B-1

CLIENT: U.S. Army Engineer, Waterways Experiment PROJECT NO. 80C112

LOCATION Station DATE: 3-25-80

BORING TYPE: COMPLETION DEPTH: 34 Ft

INITIAL FINAL below existing ground level.

WATER LEVEL: FT FT MIN.

'p . SHEAR STRENGTH, TSF
.. I 0.O POCKET PENETROMETER

DESCRIPTION 0- ATORVANE

1O.5 1.0 1.5 2.0 Z.5

17
stiff red silty clay with

silt lenses.z H illl ll I I II I(i
19 Stiff red silty clay. Pres- l IllllI I

sure meter test on this I I H
section. (34" push and LE
29" recovery.) i ll I I 1I I II I I I II I I I I

'21 1 1 1

Stiff red silty clay.
I I I I I I 1 1 I I I I 1I f i
lll 1li ll I II II I I I - 1 I

Stiff red silty clay. I I i ll]II 1I0II ON ---

Pressure meter test on this
section. (34" push and full
recovery.)

II I I i i f i~ ill I i
HI i [ I J i l l l ! il i i

Stiff red clay at 27'.

Sandy clay at 29'. ITIT4III I
Tan and light gray, very I

sandy clay. IJl li ll l I I II1I 1

31 Pressure meter test on this

section. (34" push and full

recovery.) I L

NOTE: Hit water around
23' depth.

I ~1

UNISTURK. STANOARO NO SAND SILT CLAY
SAMPLE PENETRATION RECOVERY

WOOMAO-CLYCE CONSULTANTS FIGURE Al (b)



LOG OF BORING
PROJECT: Drilled Shaft study BORING NO.: B-1
CLIENT : MaiS..ry Engineer, Waterways Experiment PROJIECT NO.: 80C'12

LOCATION: 610 East and 225 East, Houston, Texas DATE: 3-25-80

BORING TYPE: 4-inch Diameter Flight Auger COMPLETION DEPTH:
INITIAL FINAL

WATER LEVEL FT. FT. MIN. ___________

~ SHEAR STRENGTH, TSF
a 1&a 0 - POCKET PENETROMETERDECITIN~a N. - LASORATORY UNCONFINEDIL az It - TORVANE

Tan and light gray sandyII
*clay.

34 TERMINATION DEPTH: 34 Ft. T

DETAILS OF
PIEZDMETER INSTALLATION

1) Piezorneter installed at
a depth of 26 ft from the
top of hole.

~eads I!
put into
piezonieter
readout.

BentoriteI 7 77 71

22 - Pellet Seal

26 - Pore nress--
ure t-anLm-
duceL.
Sand.

-34 .- _ I 7 II

I1 11 111 1 I L I I]
uNOimSTURE $TNAO N AND SILT CLAY

SAMPLE PENETRATION RECOVERY

WOOOWARO.CLYOIE CONSULTANTS FIGURE Al (c).



LOG OF BORING

PROJECT: Drilled shatt srw.'% BORING No.: B-2

CLIENT: [.S. Army Lnqtr~eer, waterways' Expetimurit PROJECT NO.: 601112
StationLOCATION : 'Dio L~st and . :ast, fluStoli, Texas DATE:

BORING TYPE: 4-incnh Diameter -i ioht Auyer COMPLETION DEPTH: 14 ft
C. ~.jj~sShL& Lv Tubie JWLsTaYe', id t _n ' ti aif

WATER LEVEL: FT FT MIN. Lr'.a

~ *t SHEAR STRENGTH, TSF
0J hi- z*~ 0- POCKET PENETROMETER

DESCRIPTION r LABORATORY UNCONFINED
p a 5 28 A*--TORVANE

______________73___ 0.5 1.0 1.5 2.0 2.5

Erowr qray clay w,'cal. aieuC >

f'odules.

2 Tan and qra .' . Il IH 1 17

4 -'et t'

Brown and tan clay, slicken-
Lided with sand and silt
seams and some oryanic mat-
ter.

R ed and gray clay witi, Dr-
,;anic: matter, slickensi~ied. r

12 Tan and mottled brown silt';I
Clay with silt seams.

While samplinq fron 14 to
16' lost Shelby tube in the
boring and moved 6-" away

.16 from this location and re-

sample below 14 ft.

UN0ISTU~E TNADSI SILT CLAY
SAMPLE PENETRATION RECOVERY

1IGURF A2(a)
WOOWARtO-CLYCE CONSULTANTS



LOG OF BORING

PROJECT: Drilled shaft study BORING NO.: i-2-A

CLIENT: U.S. Army Engineer, Waterways Experiment PROJECT NO.. jl1
Stat ion

LOCATION : 610 East and 225 East, Houston, Texas DATE: -4

BORING TYPE: 4-in. Diameter Flight Auger COMPLETION DEPTH: 34 f
(jgjjtus Shelby Tubelrdls J "I L 'k) below x *I~ uo r wujd

WATER LEVEL: FT FT MIN. ______________

£ ~ ~SHEAR STRENGTHTSF

Law cc MZ . 0-POCKET PENETROMETER
DESCRIPTION C -LAUORATORV UNCONFINED
* ~A- TORVANE

__ __ __ _ __ __ _ __ __ _0.5 1.0 1.5 2.0 2,5

Auj&ored luwn to 14 tt and oHl 1

Start -s.mp1.r btxiow 14 ft.

14 Brown silt,. :ljA' withi silt

16 Stiff mottled red clay at iI kii
bottorn

18 Rod mottled clay with silt

seams, fissured.

20 Tan and brown silty clay
with silt pockets and
partings.

2 Red clay with sand seams
and pockets

2 Red and gray silty clay
with sand seams.

26 Tan and gray clayey sand 11 11 11 T l
to sandy clay.I H11. 1Il

28

UNISTUD STNAO O SAND SILT CLAYV
SAMPLE PENETRATION RECOVERY

tIGLIRF A2(b)
WOOOWANIO-CLYCE CONSULTANTS



LOG OF BORING

PROJECT: Drilled Shaft Study BORING NO.: B-2A

CLIENT' U.S. Army Engineer, Waterways Experiment PROJECT NO.: 80C112

? tat ionLOCATION. 610 East and 225 East, Houston, Itxas DATE: 3-24-80

BORING TYPE: COMPLETION DEPTH:

INITIAL FINAL
WATER LEVEL: FT FT MIN. ___________

Io SHEAR STRENGTHTSF
11 mu ~. 0 -POCKET PENETROMETER

DESCRIPTION Le * 0 - LABORATORY UNCONFINED

10.9 1.0 1.5 2.0 2.5

Tan silty clay with sandI11 11fl
seams and calcareous IIIIfl
nodules

.3 No recovery. Sandy clay. II [il11

3 * Tan and light gray very

sandy clay.

pellet seal

34 TERMIATION DPore press- IHi 1.

fil fil[cerI

DEAL OF EU fillflII I I
PIEOMS1URU ISTALAION MOI IAN SiLT CLA1Y

0 APE PN~AIWRCVR

IIIIH IIII I I UR AII ([il
fillROCLC CONSULTANTS 1111



LOG OF BORING

PROJECT: Drilled Shaft Study BORING NO.: B-3

CLIENT: U.S. Army Engineer, waterways Experiment PROJECT NO.: 80C112

LOCATION: StationonTea DAE 3-58
610 East and 225 East, Houston ea AE -5h

BORING TYPE: 4-in. Diameter Flight Auger & PMT COMPLETION DEPTH:

INITIAL FINAL 12 ft beneath ground level

WATER LEVEL: FT FT MIN.__________

X 0 10 SHEAR STRENGTH, TSF
0 6 0- POCKET PENETROMETER

DESCRIPTION e0-*S LABORATORY UNCONFINED
L &- TOR VANE

Auger down to 5 ft depth and III I IIHIl

start logging at 5'. 1111fl li I

5 Stiff red c~lay.

6

Stiff red and gray clay.

Slightly silty.
Pressuremeter test on this

section. 1 ili; l l

101

Red mottled clay with or-

ganic material at 12'. Jl! 1l i; 11 1 11

BORING ABANDONED AT 12' 111Hl
DEPTH

UNISTUE $TNAO N AND SILT CLAY
SAMPLE PENETRATION RECOVERYI

FIGURE A3(a)
WOGOWARO-CLY0CE CONSULTANTS



LOG OF BORING

PROJECT: Drj.lled Shaft Study BORING NO. 3-A

CLIENT :s. Army Engineer, Waterways Expriment PROJECT NO.: H0El11
Stat ion

LOCATION: 610 East and 225 East, Houston, Texas DATE: 4-L-h

BORING TYPE: 4 in. Diameter Flight Auger COMPLETION DEPTH: 4 ft
(Continuous Shelby Tube Samples) below existing ground level

INITIAL It nAL

WATER LEVEL: FT. FT. MIN.

hj SHEAR STRENGTH,TSF
WW 

a
0 hi a 0- POCKET PENETROMETER

1DESCRIPTION W ' - LABORATORY UNCONFINED
IL (30i0.5 ,. 1.5 2 .0 2.5

Soil disturbed durina ex- 
1 , 11 1 1 1 1

cavation to locate drilled
shaft, 01-4'

4 - -ray and tan clay with some - - -

dark black organic matter

6 Tan and gray clay with some I

organic matter 1 ,

R Brown and gray clay, slicker-

sided.

10"J Tan clay at 10 .

12 Red mottled clay with dark ,
black organic matter at 12'. ,

Fine light brown sand with
14 light gray and tan clay.

Red mottled clay with some
tan and gray streaks and
scattered dark black oraani

matter.
16 Note: Hit water around 13'.

I NiHlfl

UNISTURSED STANDARD NO SAND SILT CLAY
SAMPLE PENETRATION RECOVERY

FICURE A3(b)
WOOOWARD-CLYOE CONSULTANTS



LOG OF BORING

PROJECT: Drilled Shaft Study BORING NO.: 3-A (cont'd)

CLIENT: U.S. Army Engineer, Waterways Experiment PROJECT No.: POC1I2

LOCATION .Station 4-10-86810 East and 225 East, Houston, Texas DATE: 8

BORING TYPE: COMPLETION DEPTH:
INITIAL FINAL

WATER LEVEL: FT FT MIN.

I SHEAR STRENGTH, TSF
-J V,~ 1! 1'

4L DESCRITION 0- POCKET PENETROIAETER
DESCRIPTION - LABORATORY UNCONFINED

_ _ _ _ _ _ _0.5 1.0 1.5 2.0 2.5

Mottled red clay with scat-
*ered organic matter, slick-I
ensided. Recovery only1ftI

18 Red mottled clay.1

20 No recovery. Clay starts
softeninq.

Recovery 1 ft.

24 Red and tan mottled clay.

Red mottled clay at top, f HH

light tan clay at botton. fl H

* Sandy clay at the very end.

*. No recovery. Tan sandy clay -Ii

30 * Tan sandy clay with very
fine sand seams at top. filI[

. Tan clay wiith very fine san( 11-L
seams. S lickensided and fis-
sured with dark rust )rqani(I lIF L!

32 matter At bottor".

UNDISTURE TNAD N SAND SILT CLAY
SAMPLE PENETRATION RECOVERY

FIGURE A (c)

WOOWARO-CLYOE CONSULTANTS



LOG OF BORING
PROJECT: Drilled Shaft Study BORING NO.: -rntd

CLIENT: u>s. zrmy En43inleer, Watern~ays Experiment PROJECT No.: 80('112

LOCATION : 61o East and 225 East, niouston, Texas DATE: 4-10-io

BORING TYPIE: COMPLETION DEPTH:
INITIAL FINAL

WATER LEVEL: FT FT. MIN.

U IIt' SHEAR STRENGTH,TSF
U~u 0 -x~~0 POCKET PENETROMETER

DESCIPTIN a - LABORATORY UNCONFINED

0.5 1.0 1.5 2.0 2.5

Panl anu rusty brown clay
witn fine sand seams.

34 Permination pepth: 34 -feet.

DETAII- OF
P'IEZOMLTLI IN.TALLATION
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APPENDIX B

PRESS UREMETER TEST CURVES FOR BORINGS

B-i AND B-3
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APPENDIX C

CONCRETE-COATED SHEAR PLATE DETAILS

FOR BOREHOLE SHEAR TESTS
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APPENDIX D

CALIBRATION CHARTS,

BOREHOLE SHEAR TESTS
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PIEZOMETER READINGS
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STUDY TO INVESTIGATE THE EFFECTS OF SKIN FRICTION ON THE

PERFORMANCE OF DRILLED SHAFTS IN COHESIVE SOILS

VOLUM1E II - LABORATORY TESTING

PART I: INTRODUCTION

Presented herein is the second of a series of three reports pre-

pared by Woodward-Clyde Consultants (WCC) for the U.S. Army Engineer

Waterways Experiment Station under contract DACA 39-80-C-0001 entitled,

"Study to Investigate the Effects of Skin Friction on Performance of

Drilled Shafts in Cohesive Soils." The study has been conducted in

three stages, including (1) field investigations, (2) laboratory testing

and (3) geotechnical engineering analyses.

As described in the Volume I report entitled "Field Investiga-

tion," the area of study is situated on the right-of-way at the inter-

section of State Highway 225 and Interstate Highway 610 in southeastern

Houston, Texas (Fig. 1). Subsurface investigations and in-situ testing

were conducted during the period of March through May 1980 in proximity

to four drilled shafts constructed and tested in 1969 under the auspices

of the Center for Highway Research at the University of Texas at

Austin. Geologically, the test site lies within the Beaumont clays, a

deposit of Pleistocene age extending over much of south-central Texas.

This report presents a description of the laboratory testing pro-

gram, the laboratory test results and a characterization of pertinent

soil properties and parameters from both the field and laboratory test

data.

Descriptions of the scope of the geotechnical laboratory testing

and the procedures used during the testing program are presented herein

as Parts II and III. Part IV presents the laboratory test results and

Parts V through XII describe a characterization of pertinent soil pro-

perties and parameters.
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PART II: LABORATORY TESTING PROGRAM

The geotechnical laboratory investigation was performed to provide

a characterization of the in-situ soil properties and parameters as well

as their state-of-stress. The laboratory testing program consisted of

the following:

a. handling and testing of representative soil samples;
b. physical and index property tests;
C. triaxial compression and one-dimensional consolidation tests;
d. direct shear and residual strength tests;
e. mortar-soil interface tests; and
f. earth pressure-at-rest tests.

The laboratory test results were characterized in terms of:

a. stratigraphy;
b. stress state;
c. undrained, drained and residual shear strengths;
d. deformation characteristics;
e. interface shear; and
f. soil property changes with time.
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PART III: TEST PROCEDURES

The handling and testing of representative soil samples recovered

as a part of the geotechnical exploration are described below. Where

appropriate, reference is made to standard test procedures. Variations

from such procedures are also described as are non-standard test

methods.

Sample Handling

Soil samples used for testing were retrieved by thin-wall tube

sampling (ASTM D 1587-74) yielding samples with a nominal 3.0-in, diame-

ter. Denison-barrel samples yielding a nominal sample diameter of 6.0

in. were also retrieved. In addition, horizontally oriented thin-wall

tube samples with a nominal 4-1/2 in. diameter were retrieved at differ-

ent elevations from an access shaft. These samples extended from the

access shaft to the face of drilled pier No. S-3. The location of the

access shaft with respect to the existing drilled piers is shown on the

attached Figure 2.

Undisturbed soil samples were transported from the field site to

WCC laboratories in Houston, Texas, and Plymouth Meeting, Pennsylvania,

via surface and air transport. The sample containers were packed with

vibration energy-absorbing foam rubber and secured during transport. At

the laboratories, sample tubes were stored upright in a high humidity

room. The cores were removed from storage only as needed for testing.

All undisturbed samples were extruded and prepared for testing

under a humidity hood. The samples were extruded from the sample tubes

in am upright position with a continuous stroke using a motorized hy-

draulic piston extruder. Care was taken to minimize moisture loss and

sample disturbance at all stages of testing

Consolidation test specimens were trimmed to a diameter of 2.5 in.

(6.35 cm) from their original diameter. Trimming was accomplished as

described by Lambe (1951) in accordance with the provisions of ASTM D
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2435-70. Triaxial test specimens were trimmed using a soil lathe to 1.4

in. (3.6 cm), 2.0 in. (5.1 cm), or 2.8 in. (7.1 cm) in diameter and cut to

a length equal to two times the diameter. The specimen ends were care-

fully trimmed square. As the Beaumont clay samples often contained

slickensided fissures, care was taken to prevent separation of the

samples during preparation for testing.

Physical And Index Property Tests

Tests to investigate the physical and index properties of repre-

sentative soil samples were generally conducted according to pertinent

ASTM standards. The corresponding standards and test procedure modifi-

cations, where used, are described below:

Water Content

Samples tested to determine natural water contents were dried in a

forced-draft oven in accordance with ASTM D 2216-71 procedures.

Liquid Limit

Samples tested to determine the liquid limit were prepared follow-

ing ASTM D 2217-66, Procedure B, except that samples were not dried but

were tested from their natural water content. A standard motorized

liquid limit device, operated at a rate of two blows per second, was

utilized for all tests.

Plastic Limit

Samples tested to determine the plastic limit were prepared as

described for the liquid limit test. The test procedure was in accor-

dance with the procedures specified in ASTM D 424-59.

Bulk Density

The bulk density was determined from the volume and weight of the

test specimens. Volume calculations were made from averages of at least

three measurements of sample height and diameter. The samples were

carefully trimmed and the ends squared. Moisture contents and unit dry

weights were also determined for these specimens.
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Specific Gravity

The procedure used to determine specific gravity essentially

followed ASTM D 854. Special care was taken in making and deairing the

soil-water mixture. A uniform temperature of the mixture was obtained

for each test.

Sieve And Hydrometer Analysis

The procedures specified by ASTM D 422-63 were used to determine

the particle size distribution of representative soil samples.

Strength And Compressibility

Triaxial compression and one-dimensional consolidation tests were

conducted to evaluate the strength and deformation characteristics of

the in-situ soils.

Shear strength tests were conducted on both vertically and hori-

zontally oriented undisturbed samples obtained from test borings and an

access shaft. The tests on vertically oriented samples were conducted

to investigate both the total stress (undrained) and the effective

stress (drained) strength parameters of the in-situ clays. Residual

strength as well as peak strength parameters were investigated. The

tests on horizontally oriented samples focused on pocket penetrometer

tests as an index to potential strength changes subsequent to installa-

tion of Shaft S-3. The pertinent details of these test procedures are

described below.

Consolidation Tests

All tests were conducted in consolidometers employing highly

polished teflon-coated consolidation rings to reduce side friction. The

diameter and height of all the specimens tested were 2.5 in. (6.35 cm)

and approximately 1.0 in. (2.54 cm), respectively. A load increment

ratio* of 1 was used for all the tests. Loads were applied pneumatical-

ly so as to preclude impact loadings. An unload-reload cycle was intro-

* The ratio of the change in load to the previous load applied.
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duced after the precompression stress had been exceeded. Reloading was

initiated after unloading to approximately the overburden stress or to a

minimum of two load decrements, whichever was less.

Time versus deformation records were maintained for each load

increment and decrement. Each load was maintained for a duration at

least equal to the time required for 90 percent of primary consolida-

tion (t90 ) plus 60 minutes before the next load was imposed. The value

of t90 was obtained by the Square Root of Time procedure as defined by

Lambe (1951). With this procedure the stress-volumetric strain curves

were not significantly influenced by secondary consolidation.

Triaxial Compression Tests

Triaxial shear tests were conducted to evaluate both undrained and

effective strength parameters. Both consolidated isotropic undrained

triaxial compression CIU tests with pore pressure measurements and uncon-

solidated undrained (UU) tests were conducted. The triaxial tests cells

were specially designed to minimize piston friction and end constraint

effects, as well as to facilitate consolidation and saturation of the

test specimens. Relevant cell features included special bushings, highly

polished platens, precision pressure fittings and top and bottom drain-

age provisions. Pore pressures were measured during all CIU tests using

an electronic transducer with a low volume change response.

A minimum back pressure of 60 psi was used to facilitate CIU test

specimen saturation. For all tests the pore pressure parameter "B"

recorded before shearing was at least 0.95. The rate of undrained

loading was approximately three percent per hour to allow pore pressure

equalization. The consolidation time of the specimen prior to shearing

was controlled to preclude significant secondary consolidation effects

on the undrained strength and pore pressure response. Both CIU and UU

tests followed the testing procedures outlined by Bishop and Henkel

(1962).

At the beginning of the testing program, special shear testing

procedures were used to determine if the undrained strength of the

subsoils could be normalized as proposed by Ladd and Foott (1974). A
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series of Ciu tests were consolidated under pressure at least 1.5 times

greater than the preconsolidation pressure. Specimens of known overcon-

solidation ratio were obtained by unloading to predetermined stresses

and were sheared after pore pressure stabilization. Several of the test

specimens experienced failure along random oriented planes of weakness

(fissures) and, therefore, were not well suited to the development of

normalized shear strength parameters. Consequently, the special testine

program was terminated.

Direct Shear Tests

Direct shear tests were conducted with a conventional direct-shear

machine with a screw-feed loading system activated by an electric motor

capable of running at a constant speed under variable load. Different

deformation rates were applied by varying the speed of the motor and

were measured by means of a linearly variable differential transducer.

Constant vertical load normal to the shear plane was applied by dead

loading and the applied horizontal shear force was recorded via a load

cell. The loading system was made as rigid as possible and care was

taken to align the equipment so that the imposed horizontal load was

colinear with the failure plane of the sample.

The tests were conducted on horizontally oriented, "undisturbed"

samples. These 4.5-in.-diameter samples were obtained in the access

shaft by cross-shaft jacking thin-wall Shelby tubes. Thus, the plane of

failure in Direct Shear tests coincided with the plane of slip which

would be developed in the soil during the loading of a drilled shaft.

The diameter of the tested soil specimens was 2.5 in. The proce-

dure followed was generally as described in EIM 1110-2-1906 of the U. S.

Army, Office, Chief of Engineers (1970). To simulate the rate of loading

during load tests of drilled shafts, a deformation rate of 0.04 in. (0.10

cm) per minute was selected after O'Neill and Reese (1970). It is likely

that this rate approaches that required to approximate undrained condi-

tions. Test samples were consolidated under normal loads equivalent to

the estimated overburden pressure (ao) at the sample depth, the esti-

mated maximum past (consolidation) pressure (a' ) and to a stress midwayvm
between 0' and a'

Vo vm
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Residual Strength Tests

Special direct shear tests were run to assess the residual

strength of the soil. For these tests, a shear failure plane was per-

formed to coincide with the induced failure plane (which is perpendicu-

lar to the axis of the horizontal undisturbed sample) by cutting a plane

surface through an intact specimen with a fine wire. The precut shear

plane was used to preclude failure plane irregularities which could

prevent measurement of the true residual shear strength. A deformation

rate of 4 x 10- in. per minute was used to minimize development of

significant pore pressure during shear. otherwise the details of the

residual strength test were the same as those discussed for intact soil

specimens.

An investigation into the effects of repeated load reversals on

shear strength was also conducted using loading rates ranging from 0.01

to 0.04 in. per minute. Although some researchers have reported that a

strength degradation occurs which is independent of the rate of cyclic

loading, no significant change in strength was noted under as many as 12

load reversals. It was judged that strength degradations under cyclic

loading sufficient to define residual strength would occur only with

shear strain rates which approach drained rather than undrained shear

conditions. Consequently, the "rapid" reversed loading tests were

terminated.

The residual friction angle (c$') of the soil was also measured by

preforming a shear plane in a triaxial compression test specimen at an

angle (45 + cP'/2) to the horizontal. As demonstrated by Chandler

rr

inaccuracies in the choice of the angle of shear plane. The specimen

was cut at an angle of 55 degrees to the horizontal (assuming ' = 20r
deg) using a specially constructed form. The displacement at the peak

deviator stress was small; therefore, no special platen was utilized in

the tests. The data obtained was corrected for changes irn the cross-

sectional area and the influence of the rubber membrane. These correc-

tions are described in detail by Chandler (1966).
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Since quite small strains were required to mobilize the maximum

strength for the precut specimens, a multi-stage loading test technique

was used to define the failure envelope in terms of residual strength.

The rate of deformation used was 0.0025 in. per minute. This slow rate

of deformation was chosen to insure that shear occurred under drained

conditions and the strength measured was truly residual.

Mortar-Soil Interface Tests

Special shear tests were conducted to study the effect of wet

concrete placement in drilled shafts on the shear strength of the ex-

posed soil. It has been hypothesized by O'Neill and Reese (1970) that

water not required for hydration of cement tends to migrate into and

soften the sidewalls of shafts drilled into cohesive soils. This soft-

ening is thought to cause a reduction in the undrained strength. There

is also some evidence that when drilled shafts are loaded to failure,

the failure plane may not coincide with the soil-concrete interface, but

will occur within the soil immediately adjacent to the shaft. To inves-

tigate this strength reduction hypothesis, a number of special direct

shear tests were conducted on soil-mortar specimens together with a

special triaxial shear test.

Direct Shear Tests

The procedure followed for mortar-soil shear tests was essentially

the same as described by O'Neill and Reese (1970). Specimens were

trimmed to 2.5 in. in diameter and placed in the bottom half of the

direct shear box with 0.375 in. (0.95 cm) of soil protruding above the

shear plane. Then the shear box was assembled and cement mortar was

cast on the top of the soil. The mortar contained Type I cement. The

water-cement ratio was 0.6 and the sand-cement ratio was 3.0. A normal

pressure of 2 psi, sufficient only to assure tight contact between the



mortar and the soil*, was then applied to the assembly and the specimen

was allowed to cure in a high humidity room for one week. Soil-mortar

specimens were kept moist during this period by wrapping with moist

cloth.

After the curing period, the soil-mortar specimen assembly was

installed in the direct shear machine and the specimen was sheared using

a 0.04-in.-per-minute deformation rate. Before shear, a normal stress

was imposed which was maintained throughout the test. This stress was

varied to define the failure envelope as described for the conventional

direct shear tests. After the specimen was sheared, moisture content at

various distances from the interface was obtained.

Triaxial Test

One mortar-soil interface test was conducted in a trixial cell.

The bottom half of the specimen was obtained by precutting a soil sample

at 55 degrees as for the residual strength test. This sample was put at

the bottom of a form and the top half of the form was filled with cement

mortar. The mix of the mortar was the same as that described in the

section entitled "Direct Shear Tests" in Part ill. The assembly was

allowed to cure in the high humidity room and moist cloth was used to

prevent drying.

After a seven-day curing period, the specimen was installed in the

triaxial cell. The rate of deformation applied was 0.0025 in. (0.0064

cm) per minute. The specimen did not fail along the pre-cut failure

plane. Upon disassembly, failure was observed to have occurred along

slickensided planes present in the test specimen. This was similar to

the failure mode in many of the unconsolidated-undrained triaxial

tests. Consequently, further testing of this type was not conducted.

(*) Although it has been postulated that the consolidation pressure (0c)

applied to mortar-soil specimens during curing is one of the
variables influencing moisture migration (O'Neill and Reese, 1970),
a review of available information suggests that Cc has only a
secondary effect. Consequently, a variation of ac during curing was
not incorporated in the testing program.
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Earth Pressure-At-Rest Tests

Triaxial compression tests were conducted to evaluate the coeffi-

cient of earth pressure-at-rest (K ), defined as the ratio of the in-

situ effective horizontal to the effective vertical pressure. In set-

ting up the test, special care was taken to prevent entrapment of air

between the sample and the membrane. This was facilitated by provisions

for double drainage in the triaxial test cells. After the assembly of

the triaxial cell, a backpressure of 60 psi was applied to saturate the

specimen. A pore water pressure response of at least 0.95 of the cell

pressure was obtained prior to shear for each specimen. To insure

complete saturation, these specimens were backpressured for at least

three days before being tested.

As the volumetric changes and the axial deformations were expected

to be small, sensitive burettes with a 0.010-cc accuracy were used to

measure the volume change within the sample. The volume of water flow-

ing both out of and into the triaxial cell was monitored. The premise

of the K. test procedure was that for a no lateral strain condition, the

measured volume change of the saturated sample must be equal to the

axial compression of the sample multipled by the initial cross-section

area of the sample, i.e., volumetric strain equals axial strain. Cor-

respondingly, axial load was controlled in accordance with the burette

readings using a precalculated no lateral strain relationship between

these two parameters. Other details of the test were the same as des-

cribed by Bishop and Henkel (1962).
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PART IV: LABORATORY TEST RESULTS

The results of the various laboratory tests conducted as part of

this study are summarized herein.

Soil Description And Classification

The predominantly cohesive soils encountered at the site are

associated with the Pleistocene, Beaumont clay formation. These soils

are reported to have been deposited during the later stages of the

Wisconsin glaciation and were deposited in deltas and in shallow wa-

ters. The formation, in general, is somewhat heterogeneous consistent

with its alluvial deposition origin.

Mineralogy And Structure

The soils encountered by site explorations were usually classified

as stiff to hard, mottled red or tan and gray silty clay. Based on

available data (Al-Layla, 1970) the mineralogical composition includes

montmorillonite (23-47 percent), illite (28-55 percent), kaolinite (7-

18 percent) and quartz (15-18 percent). The silty clays also contain

occasicnal calcareous nodules and traces of organic material as well as

silty and sandy seams. The silty clay samples usually revealed randomly

oriented fissures and occasional relict joint features. Most of the

fissures were observed to be small and discontinuous and were often

characterized by slickensided surfaces. The fissures are postulated to

be a product of cyclic wetting and drying and the associated swelling

and shrinking activity. It is likely that this desiccation also acted

to preconsolidate the subsoils, particularly in the upper part of the

deposit.

Liquid And Plastic Limits

Liquid and plastic limits were determined to provide data for soil

classification and property correlation. These test results are presen-

ted in Appendix A (Tables Al through A4). A summary of these data is

shown in Figure 3 in terms of the liquid limit versus the plasticity
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index, i.e., the Casagrande A-line chart. As indicated, samples ob-

tained from the upper 0 to 17 feet were usually classified in accordance

with the Unified Classification System as a clay of medium to high

plasticity (CHi) as were those samples taken from 20 to 26.5 ft. With

the exception ci a CL-ML interval from 29 to 31 ft, the remaining sam-

ples to a depth of 32 ft were classified as silty clays (CL). Data from

a total of 30 tests are shown on the plasticity chart.

Physical Properties

The results of tests to investigate the water content, unit

weight, specific gravity and grain-size distribution from representatIve

soil samples are included in Appendix A. This presentation provides a

tabulation of test results in Tables Al through A4 and curves of grain-

size distribution determined from representative samples. A summary of

the maximum, minimum and statistical mean physical property test results

for each of the generalized strata encountered by the exploration is

given in Table 1. It is noted that discrimination of the strata is made

on the basis of property variations, together with classification data

and is somewhat arbitrary.

The variation with depth of the natural water content and liquid

and plastic limit data is shown in Figure 4. These data incorporate

tests conducted only on vertically oriented soil samples. (The results

of water content tests conducted only on horizontally oriented soil sam-

ples are shown in Figures 36 through 39. In these figures, the test

results are plotted as a function of the distance from the face of Shaft

S-3.) Figure 5 depicts the soil composition of representative samples in

terms of the differentiation according to percentage of sand, silt and

clay sizes from borings 2/2A and 3A.
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Soil Shear Strength

Unconfined Compression (UC) Tests

The results of UC tests on samples obtained from Borings B-2 and

B-3A have been plotted as a function of depth in Figure 6. Observations

made during the conduct of these 22 tests indicated that the failure

surface was often controlled by planes of weakness coincident with the

orientation of fissures. Those samples which appeared to be unaffected

by fissuring usually yielded significantly higher UC strengths (Table

2a).

Unconsolidated-Undrained (UU) Triaxial Tests

The undrained shear strength variation with depth was investigated

by UU tests conducted on representative samples obtained from the test

borings. A summary of these data is presented in Table 2(b) and in

Figure 7 as a plot of the undrained shear strength versus depth. As

indicated in this figure, the scatter in data (primarily attributed to

the clay fissures) is similar to that obtained from the UC tests.

Again, only the test results near the upper bound of the measurement

appear not to be significantly influenced by the effect of fissures.

To further investigate the hypothesis that comparatively low

strength UC and UU tests results represent failure modes controlled by

fissures, additional UU tests were conducted on Denison soil samples.

Two sets of tests were made on each of three samples secured from the

same sampling tube. As it is known that the size of sample will influ-

ence the probability of the test being influenced by fissures, sample

diameters of 1.4, 2.0 and 2.8 in. were used in these tests. The test

results are shown on Figures 8 and 9. The test series on samples taken

from a depth of 18.5 to 19.5 ft did not exhibit readily apparent failure

modes controlled by fissures. However, a trend towards increasing

strength with smaller sample size can be detected. The second test

series graphically demonstrates the influence of a fissure-controlled

failure. Note that the fissure-controlled failure occured in the small-

est sample, contrary to expectations.
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Consolidated-Undrained (cU) Triaxial Tests

The CIU test results are summarized in Table 2(c) and the un-

drained shear strength is plotted in Figure 10 as a function of the

total normal stress (01 + 03)/2 using all the test data.

The slope of a regression line through the data can be interpreted

in terms of the apparent friction angle of the clay. Note that the

undrained strength as given by the CIU tests may also be influenced by

the effects of fissuring. The upper bound line of the failure envelope

likely represents the consclidated undrained shear strength of samples

whose failure mode is not significantly influenced by fissures. Some

differences may also be attributed to the differences in plasticity

index as shown for the effective stress parameter interpretations pre-

sented in Part VII.

Direct Shear Tests

A summary of the direct shear test results is presented in Table 3

an6 Figure 11, which shows the peak undrained shear strength versus the

effective normal stress prior to shearing.

There is some uncertainty relative to the drainage conditions

during direct shear as well as to the degree of saturation of the test

samples. It is likely that the results represent a near undrained case

considering the relatively rapid shearing rate. When comparing the

results of direct shear tests to those of triaxial tests, consideration

must be given to rotation of the principal stress direction imposed by

the direct shear test and the difference in the sampling orientation.

These effects would be expected to produce somewhat lower undrained

shear strengths in direct shear.

Residual Strength Tests

As described in Part III, residual strength determinations were

made by both direct and triaxial shear tests on representative test

specimens with precut failure planes. A summary of these test data is

presented in Table 4.
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Consolidation Tests

Table 5(a) summarizes the physical and index properties of the

consolidation test samples and presents stress state and compressibility

parameters interpreted from the test data. The results of the consoli-

dation test curves are contained in Appendix A.

The maximum past consolidation stress (o'm) has been interpreted

by three techniques. The coefficients of compressibility in virgin

compression (C') and in rucompression (C') represent the slopes of the

log stress versus volumetric strain curves in the range of virgin com-

pression and recompression, respectively. It is noted that the stress

state and compressibility parameters are sensitive to sample disturbance

and that the general effect of disturbance is to decrease a' and de-vM

crease C'.
c

Coefficient of Earth Pressure-At-Rest (K)

The results of these tests are shown on Table 5(b). The effective

vertical consolidation pressure (c{) versus K° values are summarized in

Figure 12.

Where K becomes constant, the test specimen has reached a state
0

of normal consolidation (OCR = 1). The estimated in-situ K values are
0

derived from the test results by entering Figure 12 with a 0' equivalent

to the o' of each sample. It is noted that such K tests are extremely
vo 0

sensitive to sample disturbance as well as to the effects of stress

relief upon sampling. Consequently, conventional laboratory K tests
0

underpredict the in-situ K°0 value. Where samples are not highly struc-

tured, much more representative measurements can be made using SHANSEP

testing procedures (Ladd and Foott, 1974).
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Soil-Mortar Interface Shear

The results of the interface shear tests are presented in Table

6. The water content of the test specimens at and in proximity to the

failure plane of the test specimens is also documented. Figure 13 shows

the peak shear strength from the soil-mortar interface shear tests

versus the effective normal stress prior to shearing.

For most tests, the difference between the soil strength of com-

panion samples tested in direct shear and the interface shear resistance

is very small. The comparison is undoubtedly affected by the natural

variation in specimen properties even though the companion samples were

carefully selected. If the interface shear tests are interpreted as a

single data base, the apparent friction angle between the mortar and

soil is essentially identical to the apparent friction angle as deter-

mined by the direct shear tests on the companion soil specimens. This

is demonstrated by comparison of the direct shear test results shown in

Figures 11 and 13. Further consideration of this observation is made in

Part XI.
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PART V: CHARACTERIZATION OF STRATIGRAPHY

For the purpose of engineering analysis, an idealization of the

stratigraphy at the test site has been developed from the subsurface

exploration data and the laboratory test data contained in Part IV in

the section entitled "Soil Description and Classification," and in

Appendix A. This interpretation includes characterization of the varia-

tion of the plasticity index, liquid limit, natural water content,

specific gravity and unit dry weight of the subsoils.

Physical And Index Property Variation

To assist in evaluation of a general stratigraphy representative

of the test site, a careful examination of the variation in liquid

limit, plasticity index and water content was conducted as shown by

Figures 4 and 14. Based upon this evaluation, generalized strata were

identified and the variation of plasticity, unit dry weight and natural

water content were assessed within each of the generalized strata. This

evaluation has been summarized in Table 1.

As indicated by the standard deviation of the data, there is a

substantial scatter of some of the physical and index properties. This

is consistent with the depositional history and structure of the Beau-

mont clay and provides some insight to the natural variation of the

engineering soil parameters to be characterized in this study. This

profile variation is also vividly demonstrated by the static cone pene-

trometer logs reproduced as Figures 29 and 30.

Idealized Stratigraphic Section

Based on the boring records and the foregoing analyses, an ideal-

ized stratigraphic section has been prepared for the purposes of subse-

quent analyses. This section is shown as Figure 15 and is presented

together with a summary characterization of the pertinent physical and

index properties for each generalized stratum.
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PART VI: CHARACTERIZATION OF STRESS STATE

The in-situ stress state parameters of interest are the effective

overburden pressure (' ,), the maximum past consolidation pres-
Vol

sure (0'm) and the ambient effective horizontal stress (0ho) existing

within the soil deposits. The characterization of each of these parame-

ters is described in the following subsections.

Effective Overburden Stress

The ci' within the subsoils is directly related to the unit weightvo

of the subsoils and to the depth of groundwater below the surface.

As c' changes with seasonal variations of groundwater level, the cur-
vo

rent (1980) ci' would be expected to be different from the condition

prevailing at the time of the pier load tests (1969). Based on the

reported groundwater level during the pier load test (O'Neill and Reese,

1970), the variation of a' with depth is shown in Figure 16 for both
vo

periods of time. The measured unit dry weights (yd) presented in Figure

15 have been used in the a' analysis. Total unit weights (yt) below
vo

groundwater level were calculated assuming a 100 percent saturation con-

dition. Above water level (yt) was calculated as (1 + wn)-Yd where wn

is the appropriate mean natural water content.

Maximum Past Pressure

Estimates of the maximum past pressure (a'm) have been primarily

derived from the results of consolidation tests described in Part IV in

the section entitled "Consolidation Tests." The c' has been interpret-
vm

ed following the procedures of Burmister (1951), Casagrande (1936) and

Rutledge (1944), In addition, interpretations have been made from the

results of pressuremeter tests (PMT), as presented in Volume I, and from

the results of the UU tests described in Part IV under "Unconsolidated-

Undrained Triaxial Tests."
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Consolidation Test Evaluation

The ' interpretation by the Burmister technique and by the

combined Casagrande and Rutledge techniques* are shown on Figure 17. It

is noted that the effect of sample disturbance is to reduce the predict-

ed ,' values and that the least disturbed test specimens would be ex-vm
pected to be those trimmed from the large diameter Denison samples. It

is noted that the Burmister interpretation produces the upper bound

.'' prediction and has the least data scatter. There are usually onlyvm

minor differences in the 0' interpretations made by the Casagrande and
vm

Rutledge procedures. Figure 18 presents the data contained in FiguL2 17

in terms of overconsolidation ratio, i.e., ' /o' .vmn vo

Pressuremeter Test Evaluation

The :' predictions from the pressuremeter test (PMT) are alsovm

shown in Figure 17. Direct comparison of these test results with other

techniques entails some difficulties. First, the PMT measurement is in

a horizontal rather than vertical direction and, therefore, is related

to the maximum past horizontal stress (Ghm) not ,'vm. Secondly, the

interpretation technique assumes that porewater pressures induced by the

probe expansion have dissipated during the typical one-minute incremen-

tal loading period.

The relationship of O to o' would be differently interpretedvm "hm
depending upon the cause of the overconsolidation of a soil deposit. If

the cause were a geologic erosion, then equating 0' to C' would be
vm hm

entirely erroneous. In this circumstance, the relationship be-

tween 1 h and .' would be derived for an initial state of normal con-hm "vm
solidation, i.e., 0' would be about twice A. Should, on the other

vm m
hand, the overconsolidation of the deposit be primarily due to desicca-

tion, then equating 0' to C' may not be significantly in error.
hm vm

The assumption that no significant porewater pressure remains at

the time of the PMT measurement would tend -a uverpredict hm and,

Only the largest C2' interpretations of the two techniques are

shown on Fig. 17. vm
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therefore, o' . here is some reason to believe that in the heavily
vm

overconsolidated Beaumont clays, dissipation of pore pressures would

proceed relatively rapidly and may not be too significant after the one-

minute time period that the load increment is maintained. In summary,

considering all aspects, predictions of !' by the PM shoulO be util-
vm

ized with extreme caution. In the future, the use of self-boring pres-

suremeters with the capability to measure pore water pressures during

probe expansion should resolve some of the uncertainties connected with

the test.

Prediction from S and OCR

u

The results of the triaxial compression tests can also be used to

provide an approximate evaluation of OCR provided the test samples are

not unduly disturbed or the strength significantly affected by the

presence of fissures. This interpretation is made using the concept of

normalized undrained strength parameters (Ladd and Foott, 1974) in

accordance with Equation 1:

S u/' = K(OCR)n (1)uvo

In Equation 1, K represents the normalized shear strength of the soil in

a normally consolidated state and the exponent, n, is primarily a func-

tion of the type of shear test used. For triaxial tests on soils with a

plasticity index over 30 percent, K is approximately 0.35. The parame-

ter n for triaxial tests is typically about two-thirds and would gener-

ally be in the range of 0.60 to 0.75 (Gardner, 1977).

To provide estimates of OCR, the upper bound strength envelope for

UU tests (Fig. 28) was chosen for analysis. The results of this inter-

pretation are shown in Table 7 for n parameters of 0.67 to 0.75. The

n = 0.75 prediction shows a reasonable conformance with the upper bound

consolidation test results but significantly higher OCR's are predicted

for the n = 0.67 solution.
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OCR Characterization

Based on the foregoing analyses it is concluded that the upper

limit of the 0' consolidation test predictions is a conservative char-vM

acterization of the past stress history of the Beaumont clay within the

depth of exploration. These bounds are expressed in terms of OCR in

Figure 19 for the assumed OCR existing at the time of load testing

(1969). Note that this characterization is given for a groundwater

level of 15 ft as reported by O'Neill & Reese (1970).

Effective Horizontal Earth Pressure

As the effective ambient horizontal earth pressure (a'o) is usual-

ly expressed in terms of the Coefficient of Earth Pressure-At-Rest

(K )*, the K° parameter is usually of specific interest. In the charac-

terization of K0 , consideration has been given to both the K triaxial

tests and PMT measurements conducted as part of this study. Indirect

methods of K prediction from basic soil properties have also been0

incorporated in the characterization process.

K Triaxial Compression0

As indicated by Figure 12, K measurements from "no lateral0

strain" triaxial compression tests range from 0.78 to 0.84. The test

results also indicate that K for the normally consolidated state ranges
0

from 0.66 to 0.54. Consistent with the recognition that K laboratory
0

measurements are highly sensitive to sample disturbance as well as to

the test procedures, the test results are judged to be lower than exist

in-situ. This judgement is confirmed by the subsequent evaluations.

Estimates From Soil Properties

Equation 2 expresses the ratio of the overconsolidated K to0

normally consolidated (K nc) values as a function of the OCR of the

deposit (Gardner, 1977):

a' = K • a'
ho 0 vo
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O = OCRm (2)
K

nc

As K is closely approximated by (1 - sinj') and m can be estimatednc

from the plasticity index, an estimate of K for the Beaumont clay can0

be made by Equation 3:

K = (1 - sin c') (OCR)m (3)0

assuming the effective friction angle ( ') and OCR vary with depth as

shown by Figures 25 and 18. These calculations are summarized in Table

8 for comparison with the K tests. Note that the exponent m is0

predicted as a function of plasticity index* based on the work of

Brooker and Ireland (1965).

Figure 20 presents the K measurements together with the predicted0

variation of K with depth based on the foregoing procedure. It is0

noted that the parameters used in these calculations incorporate the

upper bound consolidation test values of OCR as interpreted from both

0' (Fig. 17) and S (Fig. 28) for UU tests.vm u

Pressuremeter Tests

Interpretations of K from the pressuremeter tests are summarized0

in Table 9 and are plotted on Figure 20. The K derivation is based on0

the effective in-situ horizontal stress uo) interpretation made from

the configuration of the PMT curve. This interpretation is quite sensi-

tive to the probe hole preparation, as well as the assumption that

significant pore water pressure is not induced at strains induced by the

probe sufficient to define ,' The effects of disturbance and/or
hoc

exce's pore pressure would be to increase the 0h° prediction.

PE.T predictions of K using the M6nard type of pressuremeter may

be somewhat greater than the true K value. The degree of potential
0

overprediction is, of course, a function of the care taken during the

* m = 0.58/I P-0.12
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probe hole preparation. In this regard, extreme care was taken during

the pressuremeter testing at the site as described in Volume I, "Field

Investigation."

Summary

It is concluded that K 0predictions from the upper bound consoli-

dation test interpretation OCR and the 4' profiles presented in Figures

18 and 25 represent a reasonable degree of conservatism and are appro-

priate for engineering analysis. This conservatism is particularly

appropriate considering the little known effect of the fissured clay

structure on predictions of K 0from either laboratory or field data. It

is likely that the most reliable techniques will eventually be developed

from in-situ testing incorporating a self-boring pressuremeter having

the capability to measure excess pore water pressures during probe

expansion. The Me'nard PMT and upper limit UtJ test interpretations

presented in Figure 20 are probably closer to the in-situ state but

incorporate a fair degree of uncertainty.
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PART VII: DRAINED SHEAR STRENGTH

F The effective stress parameters required to characterize the

drained shear strength of the subsoils are the effective friction angle

(),the effective cohesion (c'), and the excess pore water parameter

at failure (A f). The ' parameter has been primarily developed from the

results of the CItJ tests and secondarily from the K 0triaxial tests;

whereas c' and A fhave been interpreted from the CIU tests. A correla-

tion between yYand plasticity index has also been developed to facili-

tate engineering analyses. The various drained shear strength charac-
terizations are summarized as follows.

CIU Test Interpretation

Figures 21 through 23 demonstrate the interpretation of ' ' from

the stress path plots of the CIU test data. Note that the test data are

grouped in accordance with the plasticity index of the test specimens.

In each of the figures, the failure envelope is represented by a line

tangent to the stress path peaks. The slope of this line represents

sin '; whereas the deviator stress intercept represents c'/cos ~
(Lambe and Whitman, 1969). Table 10 summarizes the results of

the CIU test interpretations.

it is likely that the wide variation in cl is the effect of fis-

sures within the test samples and/or sample disturbance. Disturbance

effects may be significant as the largest c' was obtain~ed on test speci-

mens trimmed from the large diameter Denison samples. Figure 24 pre-

sents the pore water parameter (A f) versus the OCR of the test speci-

mens. The OCR's were estimated from the upper bound of the consolida-

tion tests shown in Figure 18. Note that A f is given for the maximum

deviator stress failure criteria. Also shown for comparative purposes

is the same relationship derived for London clay (Bishop and Henkel,

1962) which is a stiff fissured clay similar to that of the Beaumont

formation.
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K 0Test Interpretation

The effective friction angle can be interpreted from the K 0tests

described in Part IV in the section entitled "Coefficient of Earth

Pressure-at-Rest" by equating the K 0values derived from the normally

consolidated range of the test to the quantity (1 - sin '). The re-

sults of this assessment are tabulated in Table 8. Note that the 4'

interpreted from two of the three K 0tests appear to be in substantial

agreement with the derivations from Cjuj tests when consideration is

given to the plasticity index of the test specimens as demonstrated by

Figure 25.

Characterization Of Effective Stress Parameters

The effective stress parameters 4', c' and A fhave been character-

ized from the preceding interpretations with due consideration of the

special mineralogical and structural features of Beaumont clay.

Effective Friction Angle

The relationships between 4' and plasticity index shown in Figure
25 are concluded to be a reasonable characterization which is not great-

ly sensitive to the effects of fissures on the test results. Comparison
of the derived relationship with published data, however, indicates the

effective friction angle of the Beaumont clay is generally lower than

the median 4' which would be predicted from the plasticity indices of

the deposit. It is likely that this condition can be attributed to the

dominant montinorillonite clay mineral of the Beaumont clay.

Effective Cohesion

Unlike 4', it is probable that c', as derived from the laboratory

tests, is significantly affected by the presence of fissures within the

test samples and/or sample disturbance. There is also some limited

evidence that as the plasticity index decreases, c' similarly decreas-

es. The relatively high c' interpreted in Figure 23(a) is believed to
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more closely represent in-situ behavior. Note that the test samples

used in this analysis were trimmed from the large diameter Denison

samples obtained from the location of the test shaft. It is judged that

c' can be conservatively approximated as 0.4 tsf for plasticity indices

less than 20 percent. Between these limits a linear interpretation

appears reasonable.

The A f factors measured during the CIU tests are probably most

representative of the in-situ behavior of the clay in the higher OCR

range. The excess pore water pressure at failure would undoubtedly be

influenced by the effects of sample fissuring, as well as disturbance.

In summary, it is concluded that Figure 25 can be used to provide a

suitable estimate of ' as a function of plasticity, and that A fcan be

conservatively predicted from the upper bound curve through the data

shown on Figure 24.
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PART VIII: RESIDUAL SHEAR STRENGTH

The residual shear strength of clay represents the minimum shear-

ing resistance developed upon significant movement along a failure

plane. The appreciable reduction in peak shear strength required to

reach residual strength is explained by the preferred orientation of the

clay fabric induced along the failure plane by the sliding soil mass.

As described in Parts III and IV in the sections entitled "Residual

Strength Tests," residual shear tests were conducted using both triaxial

and direct shear methods. The results of these tests are interpreted in

terms of the residual friction angle (4r) as follows.

Effect Of Normal Stress

If the triaxial and direct residual shear tests are interpreted

separately, ' values of 9.0 degrees and 10.2 degrees, respectively, are
r

obtained without consideration of the effects of stress dependency.

However, when these data are combined, as shown on Figure 26, a good

agreement between the results of the two different types of tests is

evident and for the combined data is 9.0 degrees. Based on the work

of Bishop et al. (1971) it has been recoqnized that he residual fric-

tion angles of many clays are stress dependent, i.e., are related to

the effective stres (u') imposed normal to the plane of shear duing
n

testing. In this regard, ' has been shown to decrease with increas-
r

ing ' up to stresses at least on the order of 40 to 50 psi. This
n

behavior is particularly evidenced by the data points represent-

ing c' values less than about 1.5 tsf. For example, in the 0' range
n n

between about 0.5 and 1.5 tsf, 4' is more correctly characterized as 15

degrees; whereas 4r' for on greater than about 3.0 tsf is 9 degrees.
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Effect Of Plasticity

It was first recognized by Skempton (1957) that the residual

friction angle is a function of the clay mineralogy as measured either

by the activity number or the plasticity index. A compilation of data

presented in the literature has been published by Kanji and Wolle (1977)

and is presented as Figure 27(a). Shown in Fiqure 27(b) is the

interpreted 0' for stress levels above about 3.0 tsf. Note that there
r

is a reasonably good agreement of this data with the published 0 ' versus
r

plasticity index relationship.

cj Characterization

The expression derived for the locus of the published data shown

on Figure 27(a) can be used to extrapolate the test results as a func-

tion of plasticity and effective normal stress. The proposed relation-

ship is given as Equation 4:

Or= 46.6 PI- 0.4 46  (4)

The normal stress influence parameter $ is a function of a' nd can be
n

conservatively represented by Figure 27(b). Note that derivation of

from the residual shear strength test data is somewhat subjective but is

quite typical of the 1 versus Cn trends shown by Bishop and subsequent

investigators.
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PART IX: UNDRAINED SHEAR STRENGTH

The undrained shear strenIths of the subsoils at the test site have

been investigated by unconfined compression, unconsolidated undrained

and consolidated undrained triaxial tests, the latter employing pore-

water pressure measurements. In addition, shear strength interpreta-

tions have been made from the results of field Torvane, Static Cone

Penetration and Pressuremeter tests. A characterization of S from the
u

results of the various tests is described as follows.

Unconfined Compression Tests

The unconfined shear strength, interpreted as one-half of the

unconfined compression strength, has been shown as a function of depth

in Figure 6. The upper bound of the data envelope represents tests

believed to be largely unaffected by fissures. This line is also simi-

lar to the mean unconfined shear strength profile presented by O'Neill

and Reese (1970). Conversely, the low bound line of the data envelope

is believed to represent compressive strengths that are controlled by

the presence of fissures within the sample. It has also long been

recognized that the shear strength from UC tests is usually significant-

ly lower than that produced by UU tests.

Triaxial Compression Tests

Unconsolidated undrained and CiU tests were conducted on both 2.8-

in.-O.D. thin-wall tube samples obtained from conventional borings and

on 5-1/2-in.-O.D. Denison barrel samples. Tests conducted on specimens

trimmed from the large diameter samples are identified on the subsequent

graphic interpretations.

UU Tests

The undrained shear strength (S u), representing one-half the

maximum deviator stress, has been shown for the UU tests in Figure 7 as a
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function of depth. Similar to the unconfined compression tests, the

upper bound interpretation of S from the UU tests is believed to repre-U

sent tests which have not been materially affected by the presence of

fissures within the test specimens. The upper bound of the S envelopeu

in the top 22 ft of the profile is in substantial agreement with the

"mean strength" line interpreted by O'Neill and Reese (1970). However,

below this depth the upper bound S interpretation is significantlyu

greater than the O'Neill and Reese interpretation. Because of the

limited data base derived from this study, however, comparisons with the

extensive O'Neill and Reese S data should be made with caution.
u

CIU Tests

The CIU tests have been interpreted in terms of total stress as

shown in Figure 10. As indicated, two failure envelopes are apparent.

The upper bound interpretation probably represents sample failure modes

not appreciably influenced by fissures. Note that both the apparent

friction (' ) of 17 degrees and cohesion (c u) of 0.5 tsf are signifi-

cantly reduced by fissure-controlled failures.

As there are water content changes during consolidation, strengths

interpreted from Figure 10 would usually be higher than exist in-situ.

Consequently, CIU test results interpreted in terms of total stress are

not recommended for assessment of the undrained shear strength of soil

deposits.

Pressuremeter And Torvane Tests

As described in the preceding Volume I report, S has been inter-u

preted from pressuremeter tests after Gibson and Anderson (1961) and

Marsland and Randolph (1977). The results of this interpretation are

summarized in Table 11. It is noted that S (1) after Gibson and Ander-
u

son (1961) is reported to represent a post peak shear strength; where-

as Su (2) after Marsland and Randolph (1977) represents the peak un-

drained shear strength.

Torvane tests were also run in the field on Shelby tube samples

immediately after recovery. The results of these tests as conducted on

samples from Boring B-1 are included in Figure 28 along with
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the S range interpreted from the UU, PMT and CPT results. Note theu
lower bound PMT and the Torvane results are remarkably similar. Both

also follow the trend of the upper bound UU test data. The

greater S measured by the PMT and Torvane is consistent with failure
u

modes which are essentially independent of the effects of sample fabric

discontinuities such as fissures.

Cone Penetrometer Tests

Indirect assessment of S can be obtained from results of the
u

quasi-static cone penetrometer tests (CPT) as described in the Volume I

report. The cone resistance (q c) assessment is related to the ultimate

bearing capacity of the clay in accordance with Equation 5,

qc = Nc Su + avo (5)

where N and a are the cone (bearing capacity) factor and the totalc v

overburden pressure, respectively. N may be calculated if correla-C

tive S measurements are available or may be assumed. Correlation
u

of N with the upper bound S measurements from the UU tests yieldc u
N values well above those reported in the literature. This may be thec
result of reduced S measurements due to the fissured structure of the

u
clay.

It is of interest to evaluate, solely from soil properties, an

undrained shear strength which is essentially unaffected by the fissured

structure. Consequently, the CPT records included as Figures 29 and 30,

were analyzed to characterize the average slope of those parts of the

records where qc increases approximately linearly with depth. In this

analysis, the undrained shear strength, normalized with respect to the

effective overburden pressure (S /' ), can be expressed as a function
u vo

of the measured qc/0' in accordance with Equation 6:
cvo

S = (qc G- VO) (6)
-I, N Of
vo c vo
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As Su/ov has also been shown to be uniquely expressed as K(OCR) , it
u VO

follows that the n and K parameters can be readily determined from

Equation 6 if N is assumed. Equation 7 has been derived
c

from N = 20, which represents a typical upper bound value for non-c

structured clays:

S u/0v 0.43 (OCR)0 .8 5  (7)

The specific solutions were K = 0.44 and 0.43 and n = 0.83 and 0.87 for

CPT locations No. I and No. 2, respectively.

Figure 28 represents the variation of S with depth for N = 20 inu c

accordance with Equation 5. Also shown on this figure are the upper

limits of S as determined by the UU, torvane, and pressuremeter tests.
Summary

Application of the S data presented in Figure 28 to drilled shaftU

capacity analysis must consider that shaft-soil interface failure will

not be substantially controlled by the random orientation of the fis-

sured structure of the Beaumont clay. However, some degradation of

the S , as represented by the homogeneous elements of the soil massU

should be anticipated. Such tests as the PMT and Torvane would be

expected to yield the highest "baseline" strength profiles; whereas

"upper bound" UU strength would represent a more conservative and more

conventional reference "baseline" (Fig. 31).

From an applied practice view, the undrained shear strength char-

acterization for application to shaft design must consider:

a. nly a limited number of routine shear tests are typically
provided.

b. S measurements should be made by only one type of shear test
to preclude differences due to different failure modes.

c. ,aboratory shear tests of fissured clays should be conducted
on 1.4-in.-diameter specimens so as to minimize the effects of
fissures.

d. Tests should be conducted in such a manner so as to prevent
changes in water content prior to and during shear.
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Based on these considerations, it is concluded that the unconsolidated

undrained triaxial test represents the most practical and conservative

representation of S ufor highly structured soils such as the fissured

Beaumont clays. It is also concluded that the best UU strength refer-

ence is that which is least affected by fissuring.

A sufficient number of samples should be run so as to define an

upper bound of the variation of S uwith depth. For design purposes, the

upper bound S u"baseline" may be reduced so as to empirically simulate

any degree of strength degradation desired. CPT data calibrated to the

upper bound UU strength clearly provides a superior method for S upro-

file characterization.
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PART X: DEFORMATION CHARACTERISTICS

Both the drained and undrained characteristics of the Beaumont

clays encountered at the site have been characterized from laboratory

tests on representative samples. Drained deformation behavior has been

investigated by consolidation tests; whereas the undrained deformation

has been investigated by both UU and CIU tests as described below.

Drained Deformation Parameters

One-dimensional virgin compression (C') and recompression (C') in-
c r

dices have been derived from the consolidation tests in terms of axial

strain. The variation of C' with liquid limit is shown by Figure 32.
cI

These data can also be used to estimate the drained deformation modu-

li (E d ) as a function of the change in vertical stress (a v) and the

effective overburden pressure (a' ) in accordance with Equation 8:

vo
a'

E ave (1 + 2') (1i- 2 ) (8)
d 0.435C (1 -

Where o' * is less than the maximum past pressure (o' ), then
ave vM

C = C'; otherwise C = C'. Poisson's Ratio (v) for the stiff overconsol-
r c

idated clay is estimated to be on the order of 0.25 ± 0.05.

Undrained Deformation Parameters

The undrained modulus (E ) and the axial strain of UU test speci-u

mens have been calculated for a stress level corresponding to one-half

of the maximum deviator stress. Figure 33(a) presents E50 as a function

of consolidation pressure (a'). The strain (-) corresponding to 50

percent of the maximum deviator stress (c ) is also shown as a function
50

of OCR in Figure 33(b). The data points corresponding to the upper

a' =' + AGv/2
ave vo v
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bound S test data which are least affected by fissures within the test
U

specimens are identified on these figures.

An alternative interpretation relating E 0/Su to OCR indicates

that Beaumont clay does not behave similarly to typical overconsolidated

clays in that E50/Su increases rather than decreases with OCR. This is

undoubtedly the result of the fissured structure of the clay. This

observation is also consistent with the E interpretations made from theu

pressuremeter tests and presented in Table 11. It is noted that moduli

interpreted from the PMT and UU tests are within a similar range, the

upper bound from the UU tests being somewhat greater.
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PART XI: INTERFACE SHEAR CHARACTERI ZATION

The subsequent interpretations of the soil-mortar interface tests

follow the interface shear and moisture migration study procedures used

by Chuang and Reese (1969) and O'Neill and Reese (1970). The objective

of these interpretations is to relate the ultimate resistance in direct

shear of the soil-mortar to the undrained strength of the soil in direct

shear as a simulation of drilled shaft friction behavior. The postu-

lated mechanism is that the soil in contact with the drilled shaft

(mortar) takes on water from the fresh concrete (mortar) and loses

strength so that the ratio of shaft friction to the undrained shear

strength of the soil becomes less than unity. This ratio is generally

termed the Cohesion or Alpha Factor in design applications. A summary

of the Alpha Factors calculated for each test set is given in Table 12.

Natural Water Content Versus Alpha Factor

The Alpha Factor versus the natural water content of the interface

shear test specimens is plotted on Figure 34. Also superimposed on this

figure is a regression line representing the test results of moisture

migration studies made by Chuang and Reese (1969) on a variety of undis-

turbed samples. Note that this line falls below all but one point

derived from this study. It is also evident that the scatter of the

test data is fairly large.

Failure Plane Water Content Versus Alpha Factor

The largest water content measured from a series of test on sam-

ples taken at and in near proximity to the failure plane of the test

specimen have been related to the Alpha Factor as shown on Figure 35.

Also indicated on this figure is a similar relationship developed by

O'Neill and Reese (1970) using the average of all their test data. The

data from this study seem to fall just below the O'Neill arnd Reese line

and to have a very similar trend.
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As would be expected, the scatter of the data seems to be somewhat

less than that shown for the natural water content versus Alpha Factor

plot. However, Figure 35 is sensitive to the choice of the failure

plane location during the testing. As described in Part III, the fail-

ure plane for t>le testing was set at 3/8 in. from the mortar-soil inter-

face, consistent with the findings of O'Neill and Reese that maximum

water content after moisture migration usually occurs at a 3/8-in.

offset from the mortar-soil interface. This offset then represents the

location of the lowest shearing resistance.

The test results are also sensitive to the variation of natural

water content which occurs over very small distances within the samples

as demonstrated by Figures 36 through 39. This is further demonstrated

by the irregularity of the measured change in water content of the clay

from the natural to after-test state. For example, of the eleven test

samples described in Table 6, five indicated a positive moisture content

change and six indicated a negative moisture content change (Table

12). Thus, the reliability of Alpha prediction from moisture migration

data is of a low order when applied to a complex structured clay such as

the Beaumont formation.

Change In Water Content Versus Alpha Factor

The moisture content change versus Alpha Factor obtained from the

mortar-soil interface tests conducted as part of this study are summar-

ized in Figure 40. Also indicated in this figure are similar data

points derived from the published O'Neill and Reese (1970) data. It is

evident that the latter data base is essentially random and that any

derived relationship would have an extremely low correlation coeffi-

cient. From the limited data obtained from this study, there does

appear to be some trend of decreasing Alpha Factor with a reduction in

moisture content change expressed algebraically. However, the consoli-

dated data scatter reinforces the perceived insensibility of the mois-

ture migration technique to highly structured or otherwise micro-hetero-

geneous soils.
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Interface Shear Characterization

In addition to investigation of the mortar-soil interface shearing

resistance (Tr ) by laboratory tests, a similar study has been conducted

ff

these methods is described as follows.

Laboratory Tests

It is concluded that prediction of the Alpha Factor from moisture

migration tests has a relatively low reliability in soils such as the

Beaumont clays. The use of the interface shear results to characterize

the shaft friction represents an alternate approach which deserves some

study. In this regard, the interface shear strength has been shown as a

function of the effective normal stress on the plane of shear (a ') as in
n

Figure 13. The regression line through the data expresses the peak

interface shear in terms of a' nr the interface cohesion (c i) and the

interface friction angle ()in accordance with Equation 9:

Tf =0.30 +0a' tan 18.2 (9)
n

Note that c. 0.30 tsf and 6=18.2 degrees suggests a partially un-

drained shear behavior.

A comparison of the foregoing data with the results of direct

shear tests given in Figure 11 shows the direct shear and the interface

shear expressions to be identical. The conclusion can only be that

there is no significant difference between the mortar-soil and soil-soil

failure in direct shear from a composite data standpoint. However,

there is a significant difference between the interface shear and the

undrained shear strength as predicted from UU tests and other tests with

differing failure modes than direct shear. As an example, Alpha Factors

have been calculated from interface shear tests using the upper bound

shear strength line of the UU tests as shown by Figure 28. The results

of these calculations are shown in Table 13.
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As indicated, the average Alpha Factor predicted from the inter-

face shear and UU tests is approximately 0.48 for the CH soils. This

corresponds to load test interpretations conducted in London clays by

Skempton (1959), and Whitaker and Cooke (1966). For comparison, the

average Alpha Factors reported by O'Neill and Reese were 0.40 to 0.44

(Shaft 1), 0.35 to 0.52 (Shaft 2) and 0.54 (Shaft 3), where these fac-

tors represent the peak and the ultimate shearing resistance.

In-Situ Borehole Shear Tests

A series of eight in-situ borehole shear tests was conducted as

described in Volume I. The tests of interest to this characterization

incorporated mortar shear plates to engage the sidewall of the bore-

hole. The mortar plates were judged to yield a more realistic mortar-

soil interface failure; whereas the conventional grooved steel plate

appears to yield a failure plane in the soil.

Borehole shear test results were presented in Volume I. The

interpretation of these tests results above the groundwater level and of

three tests conducted below the water level are summarized in Table 14.

From Table 14, it is evident that the above groundwater tests

yield essentially drained test results when compared to Figure 25.

Further, the interface friction angle (6) appears to correspond to the

effective friction angle of the soil; e.g., there is no reduction

in '. There is, however, some indication that interface cohe-

sion (c i) may be less than c' from Ciu tests not significantly influ-

enced by the fissured structure of the clay. The c.i parameter also

appears to be sensitive to the time of consolidation (see Tests 1A and

2A).

The tests below groundwater level resemble consolidated undrained

tests in that 6 is reduced by at least one-half. This effect can also

be seen to some degree from the results of Test No. 3 where water was

added to the borehole.

in summary, it is likely that the boundary effects of the small

size of the mortar shear plates (1.5 x 2.8 in.) prevented the develop-

ment of representative interface shear behavior. It can be concluded,
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however, that the borehole shear test shows promise as an in-situ test

to investigate the shear strength properties of subsoils which are not

unduly disturbed by preparation of the access hole.
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PART XII: SOIL PRO)PERTY CHANGES WITH TIME

During the field investigations at the test site, horizontal

samples were obtained from an access shaft. The samples were jacked at

various levels below the surface approximately 4.3 ft to the concrete

face of Shaft S-3. The 4-1/2 inch O.D. thin-wall tube samples were

subsequently tested to determine the variation in water content and

undrained shear strength with horizontal distance from the shaft. The

results of these tests are summarized herein and are compared to similar

original test data presented by O'Neill and Reese (1970).

Water Content Variation

The water content was determined at 1-in, horizontal intervals on

horizontal samples taken at depths below the ground surface of 7, 11, 15

and 19 ft. The results of these tests are shown in Figures 36 through

39. For comparison, the O'Neill and Reese data are shown in each figure

for the closest comparative elevation. Note that the original tests

extended 2-1/2 in. from the shaft face; whereas the current data extend

at least 23 in. With one exception, the sampling depths of the two

studies have a I-ft difference in elevation.

Natural Variation

From review of Figures 36 through 39, it is evident that there is

as much as four percentage points difference in water content over

distances of as little as 2 in. This variation can also be observed on

a macro-scale as evidenced by Figure 4 and by the standard deviations of

water content within each generalized stratum (Table 1). A well-defined

trend in the water content distribution away from the shaft face is not

evident except at the 19-ft depth. However, like the 19-ft record,

there is a suggestion of a decrease in water content with distance from

the shaft within an interval of about 7 to 15 in.
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Data Comparison

In comparing the initial and current water content data distribu-

tion, it is evident that only gross trends are meaningful considering

the extreme natural water content variation in the Beaumont clay.

Further, an exact match in sampling depths for the two data bases is

obtained only at the 15-ft sampling depth. Any conclusions from compar-

ison of the two data bases would, therefore, tend to be highly subjec-

tive.

In all cases, the O'Neill and Reese data show water content maxi-

mums within 1/8 in. of the face of the concrete shaft for the 2-1/2-in.

interval tested. Note that with the natural variation, a higher water

content would be likely at greater distance from the shaft. Comparison

of the two data sets indicate a gross difference only at the 15-ft test

level. As indicated by Figure 38, the current water content measurement

is about 4.5 percentage points above the original data within the inter-

val of comparison. This appears to be consistent with the rise in the

original groundwater level (15 ft) to the current level (11 ft from the

surface). It is also pertinent to note that at this level the depth of

the data bases coincide. Other changes in water content since the time

the original data were obtained are not evident and the differences be-

tween the data are well within the range of natural variation.

Undrained Shear Strength Variation

The variation in undrained shear strength with horizontal distance

from the shaft face was investigated as a potential indicator of the

change in soil properties with time since construction of the test

shaft. Consequently, pocket penetrometer tests on the horizontal sam-

ples were conducted as an index to the undrained shear strength. Four

penetrometer tests were conducted for each inch of the sample length.

The variation of the average penetrometer measurement and with variation

of one standard deviation from the mean are shown in Figures 41 through

44 as a function of distance from the shaft face.
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Natural Variation

Similar to the water content data, it is evident from Figures 41

through 44 that there is a significant variation in shear strength over

very small distances within the deposit. Undoubtedly, the variation

indicated is accentuated by variations inherent in the pocket penetro-

meter test and in the complex fissured structure of the clay.

Data trends are evident only at the il-f t test depth (Fig. 42).

Here there is a well-defined increase in strength at increasing distan-

ces from the shaft face. However, this trend is not clearly evident at

any of the other test levels. Conversely, a reverse trend (although not

as well defined) is shown at the 7-ft test level.

Data Comparison

In the absence of initial and current data which can be directly

compared, a comparison of the pocket penetrometer data made closest to

the shaft with similar data made from the test borings has been made.

This comparison is shown on Figure 45 which incorporates data from both

the original and current test borings. As indicated, the near shaft

data are less than the mean of the O'Neill and Reese data at two levels,

approximately equal to and significantly greater than the mean strength

at the remaining two test depths. Consequently, no apparent correlation

is evident concerning the relationship between the near shaft and free

field she ar strength of the subsoils.
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Table 2(a)

Summary of Unconfined Compression Test Data

Boring Depth w Yd Sn du
Remarks

No. (ft) (%) (pcf) (tsf)

B-2 0-2 24.6 103.2 0.27

B-2 2-4 23.4 100.1 0.73

B-2 4-6 23.7 96.4 0.30 Slickensided Failure

B-2 6-8 30.7 92.0 0.45

B-2 10-12 32.7 94.2 0.34 Slickensided Failure

B-2 12-14 22.8 106.0 0.43

B-2 14-15 23.4 105.9 0.62 Slickensided Failure

B-2 15-16 22.3 107.0 0.51 Slickensided Failure

B-2 18-20 24.5 104.3 1.01

B-2 20-22 26.3 101.8 0.67 Slickensided Failure

B-2 22-23 31.4 94.7 0.57 Slickensided Failure

B-2 23-24 25.2 104.4 0.46 Slickensided Failure

B-2A 24-26 26.4 100.0 0.96

B-2A 26-28 17.7 112.1 0.27

B-2A 28-30 18.2 113.4 0.36

B-2A 32-34 16.5 121.7 1.26

B-3A 4-6 28.9 101.3 0.84 Sliahtlu Slickensided
Failure

B-3A 8-10 29.5 96.8 0.56 Slickensided Failure

B-3A 12-14 20.5 106.4 0.52

B-3A 16-18 23.2 104.2 0.13 (Sample disturbed)

B-3A 24-26 27.4 98.1 0. 51

B-3A 30-32 16.2 120.0 1. 29

Note: The sample size is about 2.80 in. in diameter.
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Table 4

Residual Shear Strength Summary

Sample Wn  If n  (- 3)f 3c n

No. (tsf) (tsf) (tsf) (tsf) (tsf)

DS-l 30.2 38 0.205 0.90

DS-2 24.1 0.264 1.80

DS-3 25.7 0.484 2.70

TX-l(a) 29.9 36 0.45 0.50 0.56

TX-i(b) 1.05 3.27 3.62

TX-l(c) 1.95 6.00 6.64

TX-2(a) 24.0 38 0.65 0.90 1.11

TX-2 (b) 0.70 1.80 2.03

TX-2(c) 0.79 2.70 2.96

TX-2 (d) 1.49 4.00 4.49

a =1 -+ 12 cos 2e
n 2 2

e = angle of the failure plane from horizontal

(Note that the two triaxial compression tests utilized staged testing
techniques to facilitate the testing and assure sample uniformity.)



0o - 0 I In In 1 0D 0 0

W 0

0 -) 00 kn v 0 V) ,

1 1

0.0

-~ ~ 6' . ' 6 - 0 0 .0 0 0 0

00 0' ID 19 m m 0 -

0 cy, m 0 0 - m 6

o 0 0 0 0 0 0 0 0 0 0

0 0 0 0 0 0 0 0 0 0 0

~ 0 ' 0 0 .0 0 0 0 (6 6 0 .0

.4 . 0 a' CD 0 0 o - (
0a A 0n 0 0 0 0 0 0 10 0

0 ~ ~ o 0 In 10 - - N 0 a

31C 0 0 0 0 0 0D 0 0 0

41 0

-I 'o

0 0

w 0 -n 10N 0 N 0 N N)

6'- 0d 0t c'0 6 '

- - - - b4 zo

6' N -m 0 aOT O w N



Table 5 (b)

Summary of K -Consolidation Test Data
0

Boring W

and Depth n c 1 K

Sample (ft) (%) LL PL (tsf) (tsf) 0

No.

V-6 22.3 27.9 66 23 0.36 0.39 0.92

1.08 1.52 0.71

1.44 2.15 0.67

1.80 2.81 0.64

2.16 3.38 0.64

2.88 4.50 0.64

V-3 11.0 28.6 70 22 0.72 0.86 0.84

1.08 1.46 0.74

1.44 1.97 0.73

V-1 4.3 20.0 52 18 0.36 0.50 0.72

0.72 1.06 0.68

1.08 2.00 0.54

1.44 2.67 0.54

2.16 4.00 0.54

2.88 5.33 0.55

NOTE: All samples trimmed from 6-in.-diameter samples (Denison borinq).
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Table 7

OCR Interpretation from Soil Properties

Depth S * S OCR**u u

(ft) (tsf) jc n = 2/3 n = 3/4

4.75 1.07 3.60 33.0 22.4

7.5 1.15 2.45 18.6 13.4

10.0 1.20 1.92 12.8 9.7

15.0 1.42 1.75 11.2 8.5

20.0 1.60 1.65 10.2 7.9

25.0 1.82 1.62 9.9 7.7

* From UU tests; upperbound S profile (Fig. 28)
u

• * For K = 0.35

Table 8

K Interpretation from Soil Properties0

Depth I ' OCR* OCR** K* Kp 0 0

(ft) (M) (deg) n=3/4 n=2/3 n=2/3 n=3/4

5.0 37 21.8 18.0 21.4 32.0 1.88 2.32 1.99

7.5 37 21.8 11.9 13.4 18.6 1.54 1.89 1.67

10.0 37 21.8 8.2 9.7 12.8 1.39 1.63 1.48

15.0 35 22.5 7.0 8.6 11.2 1.30 1.54 1.40

20.0 27 24.25 6.4 7.9 10.2 1.25 1.46 1.32

25.0 31 23.2 5.9 7.7 9.9 1.20 1.46 1.33

* OCR from upperbound G' interpretation
vh

•* OCR from upperbound S interpretation from UU testsu



Table 9

Interpretation of Stress State from Pressuremeter Tests

Depth ' K ' OCRho OCRm

(ft) (tsf) (tsf)

5.58 0.45 1.22 2.1 6.0

9.50 1.05 1.78 3.7 6.2

10.83 1.40 2.06 4.0 5.9

15.83 1.53 1.39 5.9 7.0

20.83 1.33 1.19 5.2 5.2

25.83 2.02 1.58 7.8 6.8

30.50 2.02 1.42 4.5 3.5

* Assumes ' = a'
hm vm



Table 10

Summary of CIU Test Data Interpretations

Boring Sample w LL Pd Effective Strength
n c Parameters

No. Depth (%) (%) (%) (pcf) (tsf) c.

(tsf) (dea)

B-I 19.7 22.8 41 22 104.3 1.6 0.18 28.5

13.0 21.1 35 15 105.2 1.4

12.5 19.4 35 15 108.3 2.7

B-i 8.0 27.5 57 33 94.5 0.54 0.0 23.1

13.5 24.1 51 31 100.8 0.70

24.7 23.6 46 27 102.8 2.00

14.5 25.8 51 31 99.2 5.40

V-6 22.7 18.6 58 35 105.9 2.00 0.42 22.6

23.3 17.3 58 35 108.7 4.00



Table 11

S from Pressuremeter Tests
U

Depth Soil Est. I S (tsf) r4*E/S
P U U

(ft) Classification M% ** .t (tsf) **

5.5a3 CH 37 1.25 1.70 289 170 231

10.83 CHi 38 1.29 1.48 396 268 307

15.83 CH 35 1.85 2.15 864 402 467

20.83 CL 35 2.31 2.90 441 152 191

25.83 CH 31 2.28 4.00 792 198 347

30.50 CL-ML 5 1.89 2.30 636 277 337

* Represents the reloading cycle of the PMT.

**Interpretation after Gibson and Anderson (1961).
tInterpretation after Marsland and Randolph (.1977).
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Table 13

Alpha Factor from Interface Shear Upper Bound UU Strength Reference

Depth K S 0 Tf Tf/So u n fuf u

(ft) (tsf) (tsf) (tsf) (c)

5.75 1.75 1.07 0.63 0.51 0.48

i0. 0 1.38 1.25** 0.86 0.58 0.47

1.5.0 1.31 1.42** 1.06 0.65 0.46

19.0 1.24 1.45 1.16 0.68 0.47

20.0 1.24 1.62 1.20 0.70 0.43

25.5 1.21 1.83 1.38 0.75 0.41

* Estimated from Fig. 20.

** Estimated from Fig. 7.

t = 0.3 + a' tan 18.2 ; 0' K 0'
n n o vo

Table 14

Summary of Borehole Shear Test Results

Test Boring Depth Cohesion Friction Remarks
No. No. (ft) (tsf) Angle (Deg)

1 & IA BHS-4 10.8-11.0 0.105 22.3 5 inutes
Consolidation

2 & 2A BHS-4 11.3-11.7 0.040 24.4 30 Minutes

Consolidation

3 BHS-3 7.2-7.5 0.085 24.1

4 BHS-3 6.7-7.0 0.055 13.3 Water Added
to Hole

5 BHS-l 22.0-22.2 0.080 10.4 Below Ground-
water Level

6 BHS-2 18.8-19.0 0.060 10.8 Below Ground-
water Level

7 BHS-5A 15.2-15.4 0.105 10.7 Below Ground-
water Level
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STUDY TO INVESTIGATE THE EFFECTS OF SKIN FRICTION ON THE

PERFORMANCE OF DRILLED SHAFTS IN COHESIVE SOILS

VOLUME III - ASSESSMENT AND PREDICTION OF
SKIN FRICTION OF SHAFTS IN BEAUMONT CLAY

PART I: INTRODUCTION

Presented herein is the third and final report in a series

prepared by Woodward-Clyde Consultants for the U. S. Army Engineer

Waterways Experiment Station under contract DACA 39-80-C-0001 entitled

"Study to Investigate the Effects of Skin Friction on the Performance of

Drilled Shafts in Cohesive Soils." This study has been conducted in

three stages including (1) field investigations, (2) laboratory testing,

and (3) geotechnical engineering analyses. This report presents a

description of the assessment of techniques relevant to the prediction

of the ultimate skin (shaft) friction of shafts drilled in cohesive

soils as well as to prediction of the load-settlement relationship of

such shafts.

As described in Volume I entitled "Field Investigations," the area

of study is situated on the right-of-way at the intersection of State

Highway 225 and Interstate Highway 610 in southeastern Houston, Texas.

At this location, subsurface investigations and in-situ testing were

conducted in proximity to four drilled shafts constructed and load

tested in 1969 under the auspices of the Center for Highway Research at

the University of Texas at Austin. Geologically, the test site lies

within the Beaumont clays, a deposit of Pleistocene age soils extending

over much of south-central Texas.

Parts II and III of the following text describe the scope of

analyses conducted, and a detailed interpretation of the load test

results reported for Test Shaft, S-1, respectively. An assessment of

the various methods of evaluating the ultimate shaft friction of drilled

3



shafts is described in Parts IV and V. Load-settlement predictions are

assessed and compared to the observed behavior of the test shaf ts in the

area of study in Parts VI and VII, respectively. Tabulations and graph-

ical data supporting the text are presented in Appendixes A and B.
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PART II- SCOPE OF INVESTIGATION

The analytic investigations were subdivided into (1) a detailed

interpretation of the load test results on Test Shaft, S-1, (2) an

evaluation of the ultimate shaft resistance in comparison with the

existing load test data, and (3) evaluation of the conformance of load-

settlement predictions with the observed behavior of the test shafts.

Test Shaft S-1 was selected for detailed interpretation of the measured

shaft-load transfer relationships. This dry-cast straight shaft is the

most common type cf installation in stiff to hard clays. This work

involved an independent interpretation of the shaft load distribution

measurements reported by O'Neill and Reese (1970).

Evaluation of ultimate shaft friction was first mal4e by theoretic-

ally based techniques which utilized basic soil properties to predict

shaft friction. Subsequently, other techniques were investigated in-

cluding application of laboratory soil-mortar interface shear measure-

ment, and in-situ borehole shear tests. in addition, the application of

moisture migration concepts to the prediction of shaft friction was also

investigated.

Evaluation of the load-settlement analyses focused on a numerical

load-transfer technique first proposed by Seed and Reese (195?). This

work included derivation of load-transfer curves from load test results

and prediction of the load-settlement behavior of Test Shaft S-1.

Wherever possible, conclusions and recommendations are presented for

generic use of the various procedures developed to predict ultimate

shaft friction and load-settlement behavior.



PART III: ANALYSIS OF LOAD TEST RESULTS

The shaft load transfer reflecting the mean deformation of the

shaft versus total shaft load was first analyzed using the interpreta-

tion of the instrumented load tests provided by O'Neill and Reese for

each of the four shaft types employed. An interpretation of the load

distribution data for each instrumentation location as provided by

O'Neill and Reese was subsequently used to conduct an independent inter-

pretation of the load-transfer curves at each level of instrumenta-

tion. The results of these analyses are summarized in the following

sections.

Shaft and Load-Test Data

As noted earlier, Test Shaft S-1 was selected for detailed analy-

sis. For interpretation of the load-transfer curves, the diameter of S-

1 was assumed to be 2.5 ft and the shaft length 23.1 ft. Note that upon

a subsequent removal of the shaft, an average diameter of 2.56 ft was

measured.

The first loading of the shaft was conducted by applying loads in

increments of 5 or 10 tons every 2.5 minutes. Loading continued until

plunging of the shaft was observed. Subsequent to unloading, a second

load test was immediately conducted to investigate reloading effects.

Finally, 3.5 months after the initial testing, a third load test was

conducted to investigate the effects of setup on the shaft capacity.

Top Deformation-Total Shaft Load Behavior

The total shaft (skin friction) and base load curve versus top

deformation curves reported by O'Neill and Reese for each of the test

shafts are reproduced in Appendix B as Figures B1 through B4. The peak

and minimum post-peak ultimate shaft load and the associated mean defor-

mation shaft at the top of the shaft are tabulated in Table 1 for all

four shafts tested.
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The data contained in Table 1 have been analyzed and used to cal-

culate the average shaft friction, (T ) e for each of the test

shafts. Values of (T f) aenormalized by both the average effective

overburden and average undrained shear strength, (S u) ,ve are presented

in Table 2 for peak and residual ultimate shaft loads.

The (T ) /(S ) calculations were made using the S measure-~f ave u ave u
ments summarized in Figure A5 of Appendix A. In these evaluations, the

embedded area of the shaft was calculated using the shaft length shown

to be effective in transferring load to the soil (as discussed in Part

V), and not the total length of the shaft.

Load-Transfer Behavior of Test Shaft S-1

Load-transfer curves from the dry-cast, straight shaft S-1 were

independently interpreted from the load distribution data reported by

O'Neill and Reese (1970). In this interpretation, a fourth-degree

polynomial least squares regression curve was selected to represent the

load (Q) - depth (x) data. The form of this expression is shown as

Equation 1:

Q=a + bx + cx 2+ dx 3+ e%4(1

In curve fitting, special boundary conditions were imposed at the ground

surface. In this regard, it was assumed that the measured butt load is

correct and that the slope of the load-depth curve is zero at the ground

surface. This boundary condition also assumes zero load transfer at the

surface which is believed to be a reasonable assumption considering the

lack of confinement, desiccation effects, etc. The load versus depth

curves developed on this. basis for Shaft S-1 at various total butt loads

are included in Appendix B as Figures B5 through 816.



Load-Transfer Curves

From the regression curves relating shaft load and depth, the

load-transfer curves were developed for each instrumentation level.

This was accomplished for various depths by differentiations of the load

distribution curve as expressed by Equation 2:

b + 2cx + 3dx + 4ex(2
dx2 3(2

The load transfer at any particular depth was then calculated as:

T L- 2 (3)
x ird dx

The load-transfer curve was then developed for each load increment to

produce the load-transfer curves shown in Appendix B as Figures B17

through B24. The pile is assumed rigid, and thus, the pile settlements

indicated in the figures represent both the butt settlement and also the

settlement at the point where the load is measured.

Load-Transfer Curve Characterization

The load-transfer curves were simulated by a hyperbolic represen-

tation described by Chang and Duncan (1970) af ter Kondner (1963) . By

this means the load-transfer curve is represented by an initial tangent

modulus (E.i) and the ultimate shear strength (7 ). These parameters are

obtained by plotting pile settlement (P) versus ; /T. As shown by Figure

1, this transformation provides a straight line for a substantial por-

tion of the data. The y-axis intercept with this line represents

l/E.i; whereas the slope of the line represents l/T .h The results of

these analyses are summarized in Table 3. Note that the reported R fre-

presents the ratio between the observed (Tf ) and the predict-

ed (T fh) shearing resistances.

Figure 2, based on the foregoing interpretation, demonstrates theIparabolic distribution of T f along the drilled shaft. The distribution

of T for Shafts S-2 and S-3, based on O'Neill and Reese (1970) data are

also shown in Figure 2. Figure 3 shows T f /v' (the Beta Factor) as a

functicn of measurement depth for all three dry-cast shafts.



Shafts S-2 and S-3 exhibit a significantly higher load transfer

than S-1 in the upper 10 ft of the shaft. This is reflected by the 6

factors interpreted in this interval, e.g., 8 a of approximately 1.6 at

2.3 ft (S-1), 2.7 (S-2) and 2.5 (S-3) at 4.1 ft. The maximum unit skin

friction along the shaft shown by Figure 2 approaches 1.0 tsf for all

the dry-cast shafts. Except for S-3 (void below base), the test shafts

exhibit the marked reduction in load transfer at and just above the base

usually observed for both drilled shafts and driven piles.
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PART IV: SHAFT FRICTION PREDICTION FROM BASIC SOIL PROPERTIES

Current state-of-the-practice static capacity predictions for

piles and drilled shafts in cohesive soils are usually empirically

related to the undrained shear strength (S ) of the bearing soils viau

an S reduction or "Adhesion" factor (Tomlinson, 1957; Skempton,u

1959). However, the prediction of the ultimate shaft friction (Q s) by

rational effective stress techniques, as first suggested by Chandler

(1961), is gaining increased interest. This technique is thought by

many investigators to provide the basis for future developments in deep

foundation design methodology (Vesid, 1975).

Other Q predictive techniques of interest to this study includes

laboratory and in-situ tests conducted to attempt to simulate the shaft

soil interface shear mechanism. One approach, incorporated as part of

this study, has been to determine the shearing resistance between simu-

lated shaft materials and soil by direct shear testing (Potyondy, 1961;

O'Neill and Reese, 1970). In addition, model pile (rod shear) tests

have been run in specially designed triaxial cells as described by Bea

and Doyle (1975). O'Neill and Reese have also conducted laboratory

moisture migiation studies to attempt to relate the moisture change of

the soil in contact with a drilled shaft to the Adhesion Factor (-).

In-situ testing to investigate shaft friction has been conducted

using a pressuremeter-type probe as a model pile. In-situ tests utiliz-

ing the Iowa borehole shear device have also been conducted as part of

this study to investigate the shearing resistance between mortar-faced

shear plates and the in-situ soil. The results of these and other

relevant field and laboratory tests are described in Part XI of the pre-

ceding Volume II, entitled "Laboratory Testing."

The following sections present a summary of investigations into

the capability of the various types of shaft friction analysis to pre-

dict the peak and post-peak capacity of the drilled shafts which have

been Loaded at the test site. Analyses of the load test results from

the four test shifts are summarized in the Tables 1 through 3.
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Effective Stress Analysis

Two basic effective stress formulations have been applied to the

prediction of the shaft friction ( f) of both driven piles and drilled

piers. These approaches are described and evaluated herein with respect

to the observed versus predicted behavior of the drilled shafts of the

test site.

Effective Stress Formulations

The earliest and most common formulation (Chandler, 196 ) is based

on the Mohr-Coulomb failure state and is described by Equation 4 as a

function cf the ambient effective horizontal stress (0ho)* and the

shaft-soil interface friction angle (,):

T K ' tan (4)

f 0 Vol

This expression implicitly assumes that the soil in contact with the

shaft has been altered by installation so that the effective stress

cohesion (c') is obscured. It also assumes that the ambient geostatic

stress system which existed before construction and loading is restored

at the shaft-soil interface, and that drained interface shear occurs

during loading, e.g., no significant excess porewater pressures are

generated. Chandler (196H) and, subsequently, Burland (1973) suggested

that - is equivalent to the effective friction angle of the soil

(0'). Alternatively, 0 has been assumed to be less than t' in some

design procedures (for example, the American Petroleum Institute Stand-

ards, 1981 proposed that ( = ' - 50).

In addition to Equation 4, a number of other Mohr-Coulomb failure

state solutions can be derived. For example, if it is assumed that the

effective stress in the vertical direction remains constant at its

Jo0 is equivalent to the product of the effective overburden pres-

sure ('v) and the coefficient of earth pressure-at-rest (Ko).

11
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initial (pre-shaft installation) value during shear along a vertical

shearing plane, and that shear resistance is fully mobilized, then:

' cos 6 sin 6

T = vo (5)

f 1 + sin2 6

Equation 5 is applicable only to normally consolidated soils and for

this state would produce slightly higher values of T f when compared to

Equation 4 (Parry and Swain, 1977; Vesi6, 1975).

A more rational effective stress solution (Esrig, et al., 1979)

can be derived from Critical State Soil Mechanics as shown by Figure

4. As indicated, all stress parameters are given in terms of the effec-

tive mean normal (octahedral) stress (pI)*, including the slope of the

virgin compression line (VCL) and of the recompression line in the

e(void ratio) - log p' space, i.e., C' and C'. The critical state fail-
c r

ure condition can be expressed from Figure 4 as:

M
p P = - cos 6 (6)

The parameter M1 is (6 sin 6)/(3 - sin 6) and represents the slope of

the critical state line (CSL) in p-q, where q is the deviator stress
(a1 - a ). The parameter pcs represents the mean normal stress at fail-
1 3 cs

ure as defined by the critical state criteria. (See Fig. 4.)

For normally consolidated soils, pI can be solved from the rela-
cs

tive positions of the VCL and the CSL and the fact that these lines are

parallel when expressed in terms of log p'. Based primarily on direct

simple shear tests, pcs /pnc has been characterized by Esrig, et al.

(1979) as

pcs/pn = 0.11 + 0.0063 LL (7)
cs c

01 +2 + 03 a vo(1 + 2Ko

o 3 3
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with LL in Equation 7 representing the liquid limit of the soil ex-

pressed as a percentage. The value of p' /p' is limited to a value ofPcs Pnc

0.62

For the general case of an overconsolidated soil, the ultimate

skin friction can then be expressed in terms of the maximum past mean

normal effective stress (p') and the in-situ mean normal effective

stress (p') as (Esrig, et al., 1979):
1-R

T 3 sin 6 cos P P
Tf Po 3 - sin 6  [oJ (8)

The exponent R represents C '/Cc ' and p' is the mean normal effective
r cnc

stress in virgin compression which has the same void ratio as p' . The
cs

expression for pcs given in Equation 8 can be readily derived from the

triangle defined in Figure 5 by points 1, 2, 3 and 4.

It is of interest to note in Figure 5 that the effect of shaft

drilling is to rebound Point 2 to Point 2a and that the subsequent

effect of concrete placement is to recompress the soil near the side-

walls of the open shaft at least to the initial Point 2 and probably

somewhat beyond this point. As the difference in weight of the exca-

vated soil and the concrete fill is not great, it is reasonable to

assume that shearing upon load application starts from near Point 2,

e.g., the ambient geostatic stress is essentially restored before load-

ing.

In reality, it is likely that the relaxation of a thin zone of

soil around the shaft and the possible opening of small fissures in this

zone will somewhat change the stress path during shear even with the

restoration of the ambient geostatic stresses at the shaft-soil inter-

face. It is postulated that the effect of this condition plus distur-

bance of the soil during the drilling process is to reduce the skin

friction which would be realized if the effective cohesion and friction

angle of the soil in contact with the shaft were unchanged from the in-

situ state. This strength degradation effect is modeled in Equation 8

by assuming the effective cohesion is zero and the interface friction

angle is than than

13
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Comparison of Alternate Solutions

The locus of T / as predicted by Equations 4 and 8 are shown by
f vo

Figure 6 for a range of shaft-soil interface friction angles. Note

that f/ f ' is a useful parameter for evaluation and design application

and is termed the Beta (S) Factor. It is evident from Figure 6 that

Equation 4 predicts significantly lower E values when OCR's are great-

er than about 3 and larger 6 values at smaller OCR's.

Recent studies by Esrig, et al. (1979) for driven piles nave shown

that Equation 8 modified so as to consider the increase in effective

mean normal stresses due to pile displacement effects is a relatively

sensitive predictor of skin friction for both low and high displacement

piles. Alternatively, Equation 4 has been applied by Burland (1973) to

predict the skin friction of shafts drilled in the overconsolidated

fissured London clays at Wembley. The results reported by Burland

indicate Equation 4 to give a reasonably good representation of skin

friction for the Wembley test site as shown by Figure 7. Consequently,

both Equations 4 and 8 were considered for the effective stress predict-

or evaluation.

Evaluation of Effective Stress Formulations

To evaluate the applicability of shaft friction evaluated by

Equations 4 and 8, an analysis of the peak value of Qs was conducted for

Test Shaft S-1. The soil parameters adopted for this study are listed

in Table 4.

The upper bound OCR shown in Figure Al is predicated on Equation

9. The undrained shear strength (S u) used is from those unconsolidated

undrained triaxial shear tests judged to be reasonably representative of

the unfissured elements of the Beaumont clay:

111/
OCR= 1 S I / (9)

vo
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Note that in the absence of special tests to define the normalized shear

strength parameters K and n (Ladd and Foott, 1974), these parameters

have been conservatively characterized as 0.35 and 0.75, respectively,

from available data on soils with similar characteristics (Gardner,

1977). The postulated variation of S versus depth at the test site is
U

shown by Figure A5 of Appendix A.

As the first step in this evaluation, the S factor calculated

from the load test curves of Test Shaft S-1 (see Table 3) were plotted

on Figure 8(a) against the most probable OCR range of the soil at depths

corresponding to the test data. Similar plots for Test Shafts S-2 and

S-3 are provided in Figure 8 (b). Equations 4 and 8 were solved for the

interface friction angle range shown in Figures 8(a) and 8(b) (e.g.,

=21.90 and = 40 - = 17.90) using various OCR values. These

generic solutions were then superimposed on the load test data as a

measure of the degree of conformance of the observed and predicted

variation of E factor with depth. Equation 4 appears as a poor pre-

dictor of ultimate skin friction, at least within the Beaumont clay;

whereas Equation 8 appears more promising for these soils. Some other

observations from Figures 8(a) and 8(b) are particularly worthy of

note. They are:

a. The interpreted 7 f and 6 values must not be considered to be
precise representations of true behavior considering the ap-
proximations associated with the instrumentaticn positioning
and function, as well as with the load versus depth curve
fitting procedure used in the interpretation process.

b. The trend of S versus depth in the upper 15 ft of the shaft
appears to be a reasonable approximation of the trend predicted
by Equation 8.

c. Below 15 ft, there appears to be no correlation of the observed
versus predicted 6 trend. This is consistent with the signi-
ficant reduction in shaft load transfer noted at and just above
the base of the test shafts.

The above observations reflect the parabolic distribution of T, a-

long the test shafts (see Figs. 2 and 3). This phenomenon has, in part,

been attributed to a reduction in the effective stresses normal to the

shaft surface in a zone immediately above the base. O'Neill and Reese
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(1970) and others have postulated that this reduction is a result of the

orientation of base load generated stresses which act to reduce the

ambient normal stress in the zone immediately above the base. Note that

the formulations such as given by Equations 4 and 8 do not attempt to

model this shaft-soil interaction response.

The next step in the effective stress evaluation was to more

closely evaluate Equation 8 as a predictor of the peak and residual skin

friction of all the shafts which have been lcad tested in the area of

study. To accomplish this, it was necessary to establish techniques to

model the elements of field behavior which significantly depart from the

theoretical predictions. In this regard, the "tip effect" of dry-cast

straight shafts was modeled by using a reduced shaft length. For exam-

ple, no load transfer was assumed below a depth of 19 ft for Shaft S-1

(approximately 1.6 shaft diameters above the base) . This essentially

follows the recommendations of Reese (1978) who suggests that the lower

two shaft diameters be ignored in calculation of shaft capacity of dry-

cast straight shafts.

The slurry-cast straight shaft, S-4, did not exhibit load shedding

near the base possibly because of encountering more competent soils in

the lower portion of the shaft.* Consequently, no tip effect was as-

sumed for this pier. A similar situation was noted for Test Shaft S-3,

no doubt as a result of the prepared void existing below the base of the

shaft. The dry-cast belied shaft, S-2, did exhibit some load shedding

characteristics near the top of the bell. Consequently, an effective

shaft length of 17.8 ft is assumed in the analysis of this shaft.

The observed near-surface 2factors for all test shafts depart

somewhat from the theoretical predictions of Equation 8. A limiting .

(2 a ) of about 1.6 is suggested for all the piers, based primarily cn

data from Shaft S-1. It is likely that the theoretical predictions by

Equation 8 become invalid for overconsolidation ratios greater than

about 15. This limitation was also expressed by Esrig, et al. (1979) in

*Note that the last 5 ft of this shaft were drilled without slurry.
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their evaluation of driven piles using the critical state effective

stress formulation.

Table 5 presents an evaluation of the average P factor at the

peak ( p) and at the residual shaft load (ar ) for each of the four test

shafts. Table 5 also summarizes the effective shaft lengths and average

diameters used in these analyses. The tabulated residual shaft loads

are based on the lowest shaft loads recorded during either constant rate

of penetration or repeated load tests.

Note on Table 5 that the average , factors represent the tabu-

lated shaft loads divided by the average effective overburden pressure

acting along the effective shaft length.

The average 6 factors for both peak and residual shaft loads are

plotted on Figure 9 as a function of the average normalized undrained

shear strength (Su /0o) of the soils in contact with the shaft. Note

that the conversion from OCR to Su/ay0 can be expressed by Equation 9.

The value of S /o' can be readily obtained from Figure A5 for any of
u vo

the test shafts. Direct use of Su /ao also provides a more convenient

measurement than OCR, provided a sufficient number of UU tests can be

obtained to define the upper bound (essentially unfissured) undrained

shear strength of the Beaumont clay.

Theoretical predictions of the average 6 factor, using Equations

6 and 9, have been superimposed on Figure 9 for a range of average in-

terface friction angles. The solutions assume a limiting 3 fac-

tor of 1.6 as is noted from the test data, and a limiting (S u/O'o) fac-

tor of 2.45. These limits correspond to a value of OCR ranging from 14

to 16. Comparison of the theoretical predictions with the load test

results indicate a grouping of the dry-cast shafts S-1 and S-2 for the

peak shaft loads. These data suggest that the average interface fric-

tion angle can be represented as ' - 4 degrees. The dry-cast "void"

shaft (S-3) results suggest a larger reduction in , i.e., about six

degrees, although problems with the field measurements provide some

uncertainty.
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The average . of the slurry-cast straight shaft, S-4, is signi-

ficantly lower than the dry-cast shafts. The interpretation also indi-

cates that 6 is well within the range of the residual friction angle

of the soils (' = 9 to 15° ) and that there is little difference be-r

tween the peak and residual shaft friction. Similarly, the average 5

for the residual shaft friction of all shafts are generally within the

range of the stress-dependent residual friction angle of the soil.

Effective Stress Predictions

The foregoing assessment indicates that Equation 8 is a reasonable

predictor of the peak and ultimate shaft friction at failure and

that Tf is a function of the average OCR or average Su/0' of the soils
fu vo

in contact with the shaft. In addition, the effective stress analysis

requires characterization of a limiting value and of the length of

the shaft which is effective in load transfer. The 3 of 1.6 adoptedmax

in the analysis corresponds to limiting values of OCR and Su/,o' of 14
Uvo

to 16 and 2.45, respectively. To characterize the shaft length effect-

ive in load transfer, the embedded shaft length has been reduced by 1.6

shaft diameters, consistent with the behavior of Test Shaft S-1. This

assessment has also proven to be quite conservative for application to

the dry-cast belled shaft, S-2.

To test the sensitivity of the foregoing "average layer" analysis

of shaft friction, a "discrete layer" analysis was developed using the

following procedure:

a. Characterize the S profile from LTU tests where S is not
appreciably influenced by the fissured structure of the clay

(see Fig. A5).

b. Divide the effective shaft length into equal segments and
calculate S /0(' for the mid-point of each segment.

u vo

c. Select the effective friction angle as a function of plasticity
index for each segment (see Fig. A3 for ' , and Fig. A6 for
PI).

d. For the peak and residual (large strain) ultimate shaft load at
failure, assume A = 't-eA degrees and 4' = , respectively,
and vary A to bracket the ' reductions predicted by the
"Average Layer" analysis.
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e. Calculate B from Equations 8 and 9 for the Su/c' appropriate
for each segment.

f. Compute the shaft load (Q s) as:

7dL n
Qe = e ') (10)

Qs n (vo)

where n is the number of shaft segments.

The discrete layer procedure has been programmed to enable calcu-

lation of Qs given the characteristics of a straight shaft pier, the

soil friction angle reduction factor and the S data. A program listingu

and printouts of solutions relevant to the test site are enclosed in

Appendix B. Table 6 summarizes the average effective friction angle

required to reproduce the measured peak, post-peak and residual shaft

loads at failure for all the shafts, for both the "discrete layer" and
"average layer" analyses.

The discrete layer analysis results indicate slightly higher

interface friction angles than the average layer procedure. Note that

sensitivity studies relative to the Lm parameter using a discretemax

layer analysis, demonstrate that Qs differences for Bmax between 1.7 and
2.5 are within five percent. The results of the analyses are included

in Appendix B.

The fundamental parameters of OCR or Su/0Jo must also be carefully
uvo

considered for use in either the average or discrete layer procedures.

It should be clearly understood that these parameters are interrelated

only if normal soil behavior can be assumed, in that S can be charac-u

terized by samples whose strength is not unduly influenced by the pres-

,n,; of fissures or other structural anomalies.

Analyses Using Undrained Shear Strength

Conventional methods of relating shaft resistance to undrained

shear strength (S u) involve a transfer function termed the Adhesion or

Alpha Factor (a). Consequently, shaft friction (Tf) is simply expressed

as:

19
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Tf cc S (11

The Alpha Factor as conventionally used in design has been deter-

mined from load test results by several investigators as a ratio of the

average T f to the average shear strength (S ) of the soil in contact

with the frictional area of the shaft. Figure 10 presents a synopsis

of ac versus S as derived from tests on drilled shafts. The limita-
u

tions of this method, the derivation of an alternate rational approach,

and the observed versus predicted ultimate shaft friction of the test

shafts are described as follows.

Limitation of Current Procedure

A primary drawback to the use of most of the published a ver-

sus S ucriteria is that the associated data bases may be either site

(soil type) dependent or involve significant inconsistencies in the

measurement of S-.. The application of these criteria to layered pro-
u

files is also uncertain at best, and this problem is unlikely to be

completely resolved by analytic techniques which do not rigorously model

constitutive soil behavior and shaft-soil interaction. Another drawback

to the conventional techniques is that they do not account for the ef-

fects of shaft length even though field observations indicate that this

may be an important consideration.

Measurement of S in the various aX derivations has involved a
u

variety of shear tests including in-situ vane shear, direct shear,

unconfined compression, unconsolidated undrained and consolidated un-

drained triaxial tests. Unfortunately, none of these methods would be

expected to produce the same S u on identical samples. This is a result

of sample anisotropy combined with the different induced failures modes*

* Each different type of shear test produces a different rotation (e)
of the direction of the principal stress at failure. For exam-
ple, e is zero degrees, 90 degrees and approximately 45 degrees
for triaxial compression, triaxial extension and direct simple
shear, respectively. Note that e is measured from the vertical
axis of the sample.
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or water content changes during consolidation. Even with a single test

type, sample disturbance can be a significant variable as described by

Lambe and Ladd (1963) and Noorany and Seed (1965).

More recent a derivations (O'Neill and Reese, 1970), have been

based on UU test results. This currently appears to be the most practi-
cal approach, particularly in stiff to hard clays where sample distur-

bance is minimized. However, as described in the preceding report

(Volume II), the use of average UU test results in fissured clays intro-

duces another variable. This is related to the sensitivity of the

average S value to the number of tests conducted, the sample size, as
u

well as the time of testing after sample recovery.

It is widely acknowledged that S is a function of stress historyu

and soil type (Ladd and Foott, 1974). In this regard, the S of a deepu

normally consolidated clay could be identical to a shallcw overconsoli-

dated clay, although each of these clays would produce a quite different

shaft friction contribution. For example, S of a typical normallyu

consolidated clay of medium plasticity consolidated under an effective

overburden pressure of 1.5 tsf and the same clay with an OCR of 4 under

an overburden pressure of 0.5 tsf would be about equivalent. However,

the ratio of the mobilized skin friction of the normally consolidated to

the overconsolidated clay as predicted by Equation 8 is about 0.3. Con-

sequently, even though both clays have the same Su, they have quite dif-

ferent stress states and, therefore, different Alpha Factors, a behavior

not reflected by any of the current S versus a design criteria.u

Rational Alpha Derivations

A theoretical derivation of the Alpha Factor can be obtained by

equating )Su to rf as expressed in Equation 8. Consequently, a

becomes a function of the stress history of the soil (as represented by

OCR) and cf the soil type (as represented by plasticity index). Note

that 2 can be correlated to plasticity index (PI) as shown on Figure
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A3 and that K can be correlated to both ' and PI.* A simple rela-
0tionship exists between the effective stress factor and a. This

relationship is shown as a function of the normalized shear strength

(S /(a) in accordance with Equation 12:
U VO)

-= Su/O o(12)

This procedure then provides a rational method to predict either a

or 3 from normalized shear strength or alternatively from OCR. The

use of (S /o' ) rather than S as a correlative parameter is proposed to
U vo U

significantly reduce the data scatter inherent in S measurements whose
u

quality is not readily assessed, e.g., Su/alo measurements can usually
uvo

be readily compared with published Normalized Soil Property (NSP) data

for similar soils and stress histories.

Figure 11 presents S u/ao versus a solutions for plasticity

indices of 20, 35, 40 and 60 percent. Note that Equation 13 has been

used to express the relationship between c' and PI shown for the

Beaumont clay on Figure A3:

sin ' = 0.789 - 0.265 log PI (13)

Equation 13 could be replaced by a more general expression (NAVDOCKS

DM-7, 1971) to provide similar solutions for generic use. However,

without fiel calibration such solutions must be used with caution. The

real advantage of this approach is to provide a more rational framework

for the correlation of properly documented load test data which will,

hopefully, lead to an improved deep foundation design methodology.

Note that if independent test data are not available, the K. can be
related to OCR and to PI after Gardner (1977) as follows:

Ko = (1 - sin V)(OCR)m; m = 0.58 p1-012
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Measurement of Normalized Shear Strength

As concluded in the preceding text and in the preceding soil

property characterization study (Volume II), development of S /c,' from
U VO

good quality UU tests is believed to be a convenient and satisfactory

approach. The primary drawbacks previously cited are sample disturbance

and S measurements which are affected by sample discontinuities such as
u

fissures. For fissured soils, such as the Beaumont clays, it has been

concluded that characterization of S uis best based on test specimens

whose strength is essentially unaffected by the presence of fissures.

It has been noted that smaller samples are less likely to contain un-

favorably oriented fissures. Consequently, the testing of 1.4-inch-

diameter samples is recommended.

For soil specimens which are not subject to structural change

under elevated consolidation pressure, i.e., are not highly structured,

cemented or unduly sensitive, it is possible to measure rather than

estimate the NSP parameters K and n contained in Equation 9. These

measurements can also be used to investigate the effects of sample

disturbance on S /IY' as determined by UU tests. This determination is
uvo

made with CIU tests which are consolidated under pressures at least one

and one-half times the maximum past pressure imposed on the sample.

Subsequent to consolidation, the sample can be rebounded, if required,

so as to simulate the in-situ OCR. Thus, for a given soil type, the

normalized shear strength measured is independent of water content and

the magnitude of the consolidation pressure, being dependent only upon

OCR and the type of shear test employed.

The foregoing NSP procedure is identified by Ladd and Foott (1974)

as the Stress History and Normalized Soil Engineering Properties (SHAN-

SEP) technique. It is significant to note that a growing normalized

soil parameter data base provides relatively good estimates of S u/a'~ as

a function of only the plasticity and OCR of a soil deposit for a parti-

cular type of shear test. It is likely that there will be an ever

increasing confidence level in such predictions as this data base is

expanded.
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Although Su/o,' measurements along with plasticity indices are

sufficient to provide predictions of OCR relevant to the development

of a~ or S factors for deep foundation design, it is always advisable

to make independent determination of OCR from interpretation of one-

dimensional consolidation tests on good quality samples.
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PART V: SHAFT FRICTION ANALYSIS BY SIMILITUDE OR INDIRECT CORRELATION

In addition to T f assessment from basic soil properties, an evalu-

ation of other techniques which attempt to simulate the shaft-soil load-

transfer mechanism or provide indirect correlations have been made as a

part of this investigation. These techniques include mortar-soil inter-

face shear investigations utilizing direct shear tests, borehole shear

tests employing mortar-faced shear plates, and moisture migration stud-

ies as suggested by O'Neill and Reese (1970). An assessment of the

application of each of these techniques is described in the following

sections.

Mortar-Soil Interface Shear Tests

Mortar-soil interface shear tests were conducted as described in

the Volume II report entitled, "Laboratory Testing." As indicated

in this report, the average results incorporating all test data indi-

cated that the direct shear resistance of mortar-soil specimens and comn-

panion soil specimens is identical although there are specific differ-

ences for individual companion sample tests. The relationship between

shearing resistance and the normal effective stress for both types of

direct shear tests is reproduced as Equation 14:

Tf = 0.3 + 13' tan (18.2 0 (14)
f n

It was concluded that this relationship probably represents a

condition of partial drainage during shear, although it may also reflect

the anisotropy of the soil when compared to the triaxial compression

tests (see Figure A3 of Appendix A). However, if the cohesion term is

ignored, an interface friction angle of 18.2 degrees compares well with

that interpreted for dry-cast, straight shafts using the effective

stress methodology. Considering that the mortar-soil and conventional
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direct shear soil test results are identical, however, significant

uncertainties exist as to the relevance of this method for prediction of

the ultimata shaft resistance of shafts drilled in cohesive soils.

Borehole Shear Tests

The results of borehole shear tests drilled above the groundwater

level produce results very similar to that derived from the consolidated

undrained triaxial tests employing pore water pressure measurements. It

was, therefore, concluded that the scale effects of shear plates pre-

clude development of true interface shear failure. However, these re-

sults do indicate that the test method is promising for determination of

the friction angle of the soil.

The substantially reduced friction angle measured by the borehole

shear tests conducted below water level, suggests partial drainage

during shear. Therefore, to investigate the effective friction angle in

medium to highly plastic soils, it appears necessary to conduct the test

at a much slower rate of strain and to prevent significant buildup of

pore pressures during shear. It is likely that substantial modifica-

tions in the shear plates would be necessary to use the borehole shear

tests to investigate mortar-soil interface shear behavior. One possible

modification would be to conduct a pressuremeter-type of test where a

cylinder is expanded against the sidewalls of the borehole and subse-

quently pulled while maintaining the expansion pressure constant.

Moisture Migration Analysis

The results of moisture migration studies conducted as part of the

mortar-soil interface shear tests are summnarized by Figures A7 and A8 of

Appendix A. From these results, it was judged that the reliability of

shaft friction predictions based on Alpha Factor correlations with soil

moisture content changes at the shaft-soil interface, is comparatively

low, particularly when applied to a complex structured clay such as the
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Beaumont formation. Nevertheless, it is of interest to apply the mois-

ture-migration test results to the prediction of Alpha Factors for the

dry-cast shaft identified as S-1.

Water Content Correlations

For design applications, the most practical Alpha Factor correla-

tion parameter derived from moisture migration studies would be the

natural water content as shown by Figure A7. However, the correlation

shown in Figure A7 is quite uncertain considering the large data scatter

and the limited number of tests conducted for this investigation. For

this reason, an attempt was made to correlate the natural water content

with the water content on the failure plane to take advantage of the

reduced data scatter exhibited by the failure water content-Alpha rela-

tionships shown by Figure A8. By eliminating a test associated with an

abnormal natural water content and the tests conducted at the lowest

normal stress consolidation pressures (0.54 tsf) , the remaining data

support the approximate relationship between the failure plane and water

content (w f) and the natural water content (w n) described by Equation

15:

Wf = 1.49 + 0.92 w n(15)

Note that this equation is valid only for a w nrange between 24 and 28

percent.

Alpha-Water Content Correlation

Aftr cnvetin wn towfr Alpha Factors were calculated from
Figure AS for each of the generalized strata identified in Figure A9 of

Appendix A. This interpretation was made using the median of the range

of data shown in Figure A8. The results of Ot predicted directly

from w n (C and from w f via Equation 15 (c 2) are summarized in Table 7.

It is noted that the last column of Table 7 represents the average

Alpha Factor as interpreted from the load test results on Shaft No. S-1

(see Table 2). For this interpretation, the shear strength profile

shown as Figure A5 was utilized.
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By comparing UI and a2 with the average C interpreted from the

S-i load test, it is zeadily seen that the moisture migration data from

this study would significantly overpredict field values. This was

recognized by O'Neill and Reese (1970) who proposed further reductions

in a to compensate for the soil remolding, the opening of surface

fissures during installation and for the load shedding effects noted

near the ground surface and just above the base of the drilled shafts.

These investigators concluded that the Alpha Factors interpreted from

moisture migration tests in the Beaumont clay are about 0.8.
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PART VI: LOAD-DEFORMATION ANALYSIS

Several methods have been proposed to conduct load-deformation

analysis of deep foundation elements. These can be categorized into two

classifications--one which is basically empirical and the other which

has some basis in theory. Examples of empirical applications, primarily

based on load test results, are described by Skempton (1959), Burland,

et al. (1966), and O'Neill and Reese (1970). The theoretically based

methods include elastic and elasto-plastic techniques (Mattes and

Poulos, 1969), numerical solutions incorporating load-transfer relation-

ships (Seed and Reese, 1957; Meyer, et al., 1975), and finite element

analyses (Ellison, et al. 1971).

The numerical load-transfer technique has been selected for this

study primarily because of its simplicity and ability to simulate non-

linear load-deformation behavior discussed in earlier sections. The key

element of this analysis is the simulation of the load transfer (T-Z)

curves along the shaft and at the base. in current practice T-Z curves

are primarily empirically derived from numerical curve fitting of field

observations, or from data published in literature.

In this investigation, primary emphasis is placed on correlation

of T-Z relaticriships with basic soil parameters as discussed in the

previous sections. The following sections address the method of analy-

sis, characterization cf the load-transfer curves for shafts drilled at

the test site, the prediction of the load-settlement response of these

shafts, and their comparison to the actual measured data.

As the only conventional dry-cast straight shaft, Test Shaft S-i

has been featured in the analyses arnd formed the basis of subsequent

conclusions. An additional analysis was performed for Shaft S-3 (void

below base) to test the applicability of the method of analysis adop-

ted. The primary emphasis is placed on the peak-load behavior for the

shafts. Some analyses, however, have also been made to investigate the

effects of the drop-off of the resistance capacity of the shafts at

displacements beyond the peak (post-peak behavior).
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Numerical Load-Transfer Analysis

In the present investigation, the load-deformation behavior of the

pile has been analyzed using the technique described by Meyer, et al.

(1975) . The technique was implemented using the AXCOL program, which is

also discussed by Meyer, et al. A brief discussion of the technique and

the associated computer program follows.

In the analytic model, the pile is modeled as a column consisting

of a series of equal discrete elements. Each element has an axial

stiffness and may accommodate specified loads and supports acting on

it. The pile elements are considered to be linearly elastic. The

support conditions may, however, be either or nonlinear, thus the non-

linear (hyperbolic) soil-shaft interaction curves discussed in the

previous sections may be incorporated in the analyses. A schematic of

the AXCOL model is shown in Figure 12.

The analytic technique essentially consists of the solution of a

set of simultaneous finite-difference equations depicting the axial

displacements for each element and the force equilibrium relations at

the nodes between the elements. The equations are solved for the un-

known displacements at each node, using a direct elimination procedure

described by Holmquist, et al. (1975). It should be recognized that the

solution technique is based on a linear elastic system. The nonlinear

soil-pile interaction effects are incorporated by iterative tech-

niques. The AXCOL program, which was used in this investigation, is

also described by Holmquist, et al. The program is the axial solution

counterpart for BMCOL28, the program for the lateral solution of beam-

column for nonlinear supports (Matlock and Halliburton, 1964).

Characterization of Load-Transfer Curves

There have been a variety of load-transfer curve formulations (T-Z

curves) proposed for cohesive soils. Perhaps the most widely used of
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these formulations are those proposed by Reese, et al. (1969), who

define the load transfer curves in terms of the ultimate resistance of

the shaft or the tip (T u ) and the relative soil-pile movement at which

the ultimate resistance occurs (Z c). As per present state of practice,
the load-transfer curves are bilinear, with the shaft or tip resistance

(T) increasing linearly with the relative soil-pile movement (Z), until

the ultimate soil-pile resistance reaches its ultimate value (T u) at a

relative movement of Z c . The soil-pile resistance remains at a constant

value of Tu for values of movement greater than Zc . The actual shape of

the curve is, therefore, disregarded. In addition, no consideration is

given to decreasing resistance with increasing soil-pile movement beyond

the peak (post peak behavior).

The standard state of practice applies to a wide variety of cases

where the pile is relatively flexible, compared to the load-transfer

curves, such as in long steel pipe piles in normally consolidated to

moderately overconsolidated clays. For the very stiff piers studied

here, however, the actual shape of the pre-peak portion of the load-

transfer curves has a major influence on the load-deformation behavior

of the pile. In addition, the significant drop-off of resistance with

increasing soil-pile movement evident in the highly overconsolidated

soils, make Reese, et al.'s formulation inappropriate for the present

study.

Analyses of the load deformation behavior of the shafts, as de-

scribed in Part III, indicated that the load-transfer curves for the

Shaft S-1 can be fairly well simulated by hyperbolic curves as functions

of the ultimate shaft resistance (Tf) and the initial slope of the T-Z

curve, E.. Similar formulations have also been noted by Woodward, et

al. (1972) and Holloway, et al. (1975). This general approach of hyper-

bolic transformation has been used for the assessment of the observed

load-transfer curves derived for S-1 as subsequently described.
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Load-Transfer Curve Parameters

The load-transfer interpretations made for Test Shaft S-1 are

presented in Part III of this text (Analysis of Load Test Results). In

this interpretation, the shaft friction at any depth (T) has been ex-

pressed by Equation 16 as a function of the shaft deformation (0) in the

form of a hyperbolic transformation after Kondner (1963):

RI10

T = - (16)

E. Tf
I

and T Tf

In this equation, Tf represents the theoretical skin friction

prediction by Equation 8, and E. the initial tangent to the load-trans-

fer curve.

A correction factor (R1) is also necessary to provide for the

compatibility of Tf with the associated shaft deformation ( f). This

factor is expressed by Equation 17:

T f
R f + 1 (17)
1 f Ef i

A hyperbolic T-Z curve can thus be defined as a function OfTf, Ei, and

If there is a post-peak drop-off in Tf, Equations 16 and 17 are no

longer valid for 0 > Qf. An examination of the computed load-transfer

curves suggests that the post-peak strength, Tfpp, may be defined as

the resistance at the point beyond which the rate of drop-off decreases

dramatically. The shaft friction, T, can then be empirically modeled

by Equation 18 as a cosine function in terms of the shaft segment de-

formation (.) ) required to develop Tf at deformation greater than

.f:

T = Cos - - _1- -i PP  + Tf (18)ppp

32



Note that this solution requires estimates of both p and Tfpp.
pp

The residual resistance (Tfr) occurs after a considerably greater

pile movement, and the rate of drop off is rather mild.

Ultimate Shaft Friction

The ultimate shearing resistance (Tf) for any segment of the shaft

can be predicted by the effective stress Equation 8 using the discrete

layer method of analysis given by Equation 10. Note that this predic-

tion does not inherently incorporate shaft-tip-soil interaction effects

as described in the section of Part IV entitled "Effective Stress Analy-

ses." Consequently, "tip effects" are modeled by assuming the effective

shaft length to be less than the actual length. The "free surface

effects" are also empirically modeled as a limiting normalized shearing

resistance, i.e., a limiting Beta Factor ( max ) of 1.6. Modeling the

peak and post peak Tf by Equation 8 requires selection of the proper

interface friction angle (6). For example, for the first load peak and

post peak Tf of dry-cast, straight shafts, 6 is approximately - 3

degrees and - 6 degrees, respectively. For slurry-cast shafts and for

dry-cast shafts failed by very large single or cumulative (repetitive

loading) movements, 6 is assumed to be equivalent to the residual

friction angle of the soil (4 )

Initial Slope Parameter

The Ei parameter, normalized with respect to the effective over-

burden pressure (Ei/a'o), as derived from the S-1 load test is shown in

Figures 13 and 14 as a function of both the OCR and Su/a'o. The
uvo

equations of these functions are given as:

Ei/ovo = 47.5 (OCR)0.91 (19)

Ei/avo = 170 (Su/a'o) 1.21 (20)

Note that equations (19) and (20) are valid only for the load transfer

measurements which are not appreciably influenced by the tip effect of

the S-1 shaft.
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As Su/23o and OCR are interrelated by Equation 9, the two corre-
lations are essentially similar. Other correlations with undrained

shear strength and such parameters as plasticity index either proved

invalid or had more scatter. It may be noted that the OCR or Su /ao

versus Ei/C ' relationships encompass the E. interpretations for the
1 VO 2.

entire shaft, deviating only somewhat near the base.

Although Equations 19 and 20 expressing E./a' cannot be theoreti-
i vo

cally derived, it is of interest to speculate on the relationship of E.

to fundamental soil properties. Basically, this parameter would be

expected to be most directly related to the small strain shear modu-

lus (G max ) of the soil. Gmax has been expressed by Hardin and Drnevich

(1970) as:

Ga= 14760 (2.973-e)2(OCR) 2 (0;)0.5 (21)
max 1+em

Note that e is void ratio and o' is the mean normal effective stress,m
i.e., a' (1+2K o ) / 3. Seed and Idriss (1970) have also suggested

vo 0

that G can be expressed in terms of the undrained shear strength as:max

G = 2300 S (22)max u (2

In the case of a driven pile or drilled shaft, it has been postu-

lated that o' after installation is approximately restored to the ini-m
tial stress state and, therefore, is related to stress history as repre-
sented by OCR. Thus, Gmax and Ei/G~o would be expected to be related to

the same parameters in approximately the same way. Figure 15

presents G max/E i as a function of OCR where Gmax has been estimated from

the soil properties using Equations 21 and 22. The trend shown suggests

that G is directly related to E. where the shaft load transfer is notmax 2.

influenced by free-field and base loadeffects. Additional studies

using measured G correlations are recommended to substantiate this
max

easily applied relationship.
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Deformation at Failure

For simulation of the load-transfer curves, it is necessary to

define the deformations (p f) at which the peak Tfis developed along the

shaft. Independent interpretation of the S-I load-transfer curves

indicates that the deformation required to develop peak T f increases

with depth to about 15 ft below the ground surface. At greater depths

there is a trend of decreasing deformation until just about the shaft

base (see Fig. 16a).

For Shafts S-2 and S-3, however, there is a trend of decreasing

deformation along the entire shaft length (see Fig. 17). The reasons

for this difference in the observed ftrend with depth are not readily

apparent and should be investigated further.

The S-1 load test data suggest that for the portion of the drilled

shaft not significantly influenced by "tip effects," the critical def or-

mation increases with confining pressure. Further, comparing the shaft

length to diameter ratios of the test shafts (excluding S-3) with the

top deformation required to mobilize the average peak shearing resis-

tance, there is a trend of increasing critical deformation with L/D.

These observations are summarized on Fig. 16 (b).

As a result of the foregoing observations, it appears as

if pf should be modeled as a function of both the depth (x) of the load-

transfer curve below the surface and the L/D of the shaft. Equation 23

approximately describes pf (in inches) based on the observations at Test

Shaft S-1.

x/L - 0.125
eFor 0.125 4 2L 0.680: log pf 0.7 - 1 (23a)

e

For 1.0 > 2- > 0.68: log pf e 1  (23b)
L Pf 0.575
e

Note that L erepresents the length of the shaft effective for load

transfer. Based on the very limited site data, Equation 24 approxi-

mately describes the pf ratios of various L/D values referenced the

shortest shaft (L/D = 7.4).
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R 0.75 + 1.95 log L/D (24)7.4

Thus, the product of Equations 23 and 24 provide an estimate of Qf which

factors both shaft geometry and depth.

Since no tip effects were expected for Shaft S-3, it is likely

that the pattern for the deformation at peak, Pf, along Shaft S-3 will

be different. A cursory examination was made of the pattern

for Qf along the shaft, based on the load-transfer curves derived by

O'Neill and Reese (1970).. The examination revealed a monotonic decrease

of the value of Pf with depth, as shown in Fig. 17. The trend may be

approximately represented by Equation 25:

0.82- X/L
log Pf 0. 59 - (25)

It is noted that Equation 25 is very similar to Equation 23b which

represents the bottom part of Shaft S-1.

Analyses Performed

The analyses performed by the AXCOL3 program (Holmquist and Meyer,

1975) are discussed in the following paragraphs. The results of the

analyses are discussed in Part VII.

Analyses for Shaft S-1

Analyses were performed for Shaft S-1 using two types of T-Z

curves: (1) assuming no drop-off of resistance after the peak value was

reached (peak load behavior), and (2) assuming a drop-off in strength

using Equation 18 (post-peak behavior).

Peak Load Behavior. Peak load behavior was analyzed using four

load levels at the head of the shaft: 40k (20 tons), 140k (70 tons),

220k (110 tons), and 280k (140 tons). These four loads were among those

actually used in the field. The values of peak resistance Tf were

computed using Equation 8 with the aid of Figure 8. For these analyses,
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a value of 6=19.9 degrees 2~P -2)was used, and the value of limit-

ed to 1.6 W ma ). Note that other combinations of 6 and a a will

change the amplitude of the computed load-settlement curve. The degree

of such changes can be readily evaluated from the results of the a a

sensitivity analyses included in Appendix B.

The parameter E.i for the hyperbolic T-Z curve was based on Equa-

tion 19 (Fig. 13). The values of Pfwere based on Equations 23a and

23b. In summary, all data obtained from the field were used for the

analysis of Shaft S-1.

The shaft was modeled only for its effective length, L el of 19

ft. Nineteen 1-ft segments were used for the computations. A twentieth

increment of one foot was added at the bottom of the shaft. This bottom

increment was not associated with any shaft resistance, but only the tip

resistance. The tip resistance was modeled identically to what has been

presented by O'Neill and Reese (1970).

Post-Peak Behavior. The T-Z curves used for the analysis of post-

peak behavior were identical to those used up to the displacement val-

ue P f required to develop T f" For displacements greater than Off the

curve was assumed to follow the cosine function given as Equation 18.

The values of Pand E. as well as the analytic model of 20 segments
f~

were identical to the one used to calculate peak load behavior.

The first load post-peak resistance, Tf.p is based on a value

of 6 = 16.9 degrees (ct' - 5 0) and a a of 1.6. The corresponding

value of displacement, p p , was assumed to be 0.5 in., based on the

field test data. For displacements greater than P Q the resistance was

assumed to remain constant at T
f pp*

Displacement, rather than loads, at the head of the shaft were

input in order to facilitate the analysis of the drop-off of load. The

first four displacements input were those computed for the four loads in

the peak load behavior analysis. These were followed by four additional

specifications of head displacement to a maximum of 0.6 in.
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Analyses for Shaft S-3

Analyses were performed for Shaft S-3 using two types of T-Z

curves: (1) assuming no drop-off of resistance after the peak val-

ue T[f was reached (peak load behavior), and (2) assuming a drop-off of

resistance to a value corresponding to the residual value, at a very

large displacement (residual load behavior).

Peak Load Behavior. For peak load behavior, the values of peak

resistance, T , used were identical to those used for Shaft S-1. The

values for the initial slope of the T-Z curves were also similar to

those used for the analyses for S-1, being based on Equation 19. The

distribution of P values with depth were based on Equation 25, which

was specifically derived for S-3.

Because of the void below the shaft, tip effects were assumed to

be absent, and the entire 23 ft of the shaft were used in the model as

23 1-ft increments. Loads of 40k, 80k, 180k and 220k were specified at

the head of the shaft.

Residual Load Behavior. For the residual load behavior, the T-Z

curves used were identical to those used earlier in the peak load be-

havior analysis up to the displacement value of Of corresponding to the

peak resistance value, T f. For displacements greater than Ofup to a

value of Q , corresponding to the post peak resistance, T f , the

cosine curve defined in Equation 18 was used. For displacements greater

than 0 pthe resistance was assumed to decrease linearly to the resi-

dual value, T r, at a displacement, P r. The resistance was assumed

constant at T r, for values of displacement greater than Cr

The values of Tfp were computed based on a value of eqa to

16.9 degrees ( ' - 5 0). The corresponding values of P ppwere assumed as

two times Q f. This assumption was based on a cursory examination of the

load-transfer curves for S-3 presented by O'Neill and Reese (1970).

The values of Tr were based on a value of 6 equal to 9 degrees,

the minimum residual friction angle ( ') of the soil. The corresponding

displacement, P r, was taken as nine inches.
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Displacements, rather than loads, at the head of the shaft were

input in order to facilitate the analysis of the drop-off of load. The

first four displacements input were those computed for the four loads in

the peak load behavior analysis. These were followed by four additional

specifications of head displacement to a maximum of 10 in.
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PART VII: RESULTS OF THE LOAD-DEFORMATION ANALYSES

The results of the load-deformation analyses using the AXCOL

computer program are presented on Figures 18 through 21. Figures 18 and

19 show the load take-out along the shaft and the load-deformation

behavior at the head of the pile, respectively, for Shaft S-1. Figures

20 and 21 show the corresponding figures for S-3. The results and their

comparisons with actual field behavior are discussed in the following

paragraphs.

Results for Shaft S-1

As noted in Part VI, Shaft S-1 was analyzed for the peak load

behavior and also for post-peak behavior.

The peak load behavior results for both the load takeout and the

load displacement (Figures 18 and 19) agree well with the field load test

results. There appears to be some divergence from the field test at

higher loads, where the influence of the tip effect assumes greater

signif icance.

The post-peak behavior was identical to the peak behavior for

loads up to 220 kips, and fell only slightly below the peak curve for

higher load levels. To illustrate better the post-peak behavior, only

the load taken up by the shaft is plotted against the shaft head dis-

placement, similar to the one presented for the corresponding test case

by O'Neill and Reese (1970) . The displacement for peak shaft resistance

occurs at a higher value than that for the field test results, i.e., 0.3

versus 0.2 in. This departure may partially be attributed to the use of

a constant value of 0.5 in. for P p , the displacement corresponding to

post-peak resistance T .pp It appears that using a value of two

times pff such as used for Shaft S-3, would have yielded results closer

to those measured in the field.
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Results for Shaft S-3

Comiparison of the computed versus observed shaft load-settlement

response (Figs. 20 and 21) of Shaft S-3 indicates that the peak Trf of

about 113 tons underpredicts the observed 121 tons by between 6 and 7

percent. However, if a8a is taken as 2.5 (a more appropriate a8a

factor for Shaft S-3) and 6 as 0P' - 3 degrees, the predicted total

resistance is 122 tons, a rather remarkable correlation. The shape of

the load-deformation curve, as well as the residual load on the shaft

head are also found to produce a satisfactory match between the field

test results and the computed data.
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PART VIII: SUMMARY OF CONCLUSIONS AND

RECOMMENDATIONS FOR FURTHER STUDY

The following summary presents highlights of the findings and

conclusions of each of the three phases of investigation conducted for

this study, i.e., Field Investigation (Volume I), Laboratory Testing

(Volume II) , and Assessment and Prediction of Skin Friction of Shafts in

Beaumont Clay (Volume III) . Based on these results, recommendations are

also presented for further study of the behavior of drilled shafts in

cohesive soils.

Soil Classification and Stratigraphy

Conventional thin-wall tube sampling and visual classification,

together with pocket penetrometer and torvane tests immediately upon

sample recovery, gave a good definition of stratigraphy, particularly

when supplemented by water content, liquid limit and plastic limit

laboratory tests. The soil classification trends of these properties

with depth were also found to be similar to those reported by O'Neill

and Reese at the time of their 1969 investigations. This is evidenced

Yby an almost exact correlation of the regression line through the two

liquid limit, plasticity index data sets as plotted on a plasticity

chart. Although not as exact, these data sets plus water content, when

plotted versus depth, were also in substantial agreement.

Prof ile Enhancement

A significant enhancement of soil profile variations by recording

the variations in quasi-static penetration resistance was also obtained

from results of the cone penetrometer tests. In particular, thin lenses

or strata of cohesionless soils and soils with very low plasticity were

readily identified from the cone records. Cone resistance also appeared

to be a sensitive indicator of the variation in the consistency of

cohesive soils with depth.
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Groundwater Regime

Piezometers were installed in selected borings to monitor grourd-

water levels at the test site. These measurements conducted over a

period of approximately one month indicated a stabilized water level at

about 11 ft below the existing ground surface. Similar observations

made by O'Neill and Reese during their field investigations indicated a

stabilized groundwater level at about 15 ft. This indicates a rise in

groundwater level since 1969, although seasonal variations could account

for such difference.

Space and Time Dependent Variations in Soil Properties

During this study, the variation in the natural water content and

consistency of the subsoils at the test site were investigated using

thin-wall tube samples. These samples were obtained at various depths

by horizontally jacking 4-l/2-in.-OD thin-wall tubes from a vertical

access shaft. Determination of the water content from tubes taken at

different depths below the ground surface were made at 1-in, inter-

vals. The results of these tests indicated differences in water con-

tents as much as four percentage points over distances as little as two

inches. This variation was also observed on a macro-scale as evi-_!-

by standard deviations of water content within generalized soil strata

of as much as 4.9 percent.

Data Comparisons

Comparison with the O'Neill and Reese (1970) data indilcates a

general conformance in water content variation. Only at a test depth cf

15 ft were the O'Neill and Reese data significantly different (lower)

than any of the other data in the two data bases. It was concluded that

this is either diue to a rise in water level or tests on a sample having

an anomalously low plasticity index. The postulation by O'Neill and

Reese that the water content is highest nearest to the shaft was not

substantiated by this study. If such a trend does exist, it is obscured

by the significant natural variations in the fre,-field water content.
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Physical properties, such as unit weight, specific gravity and

grain-size distribution as measured during this study, were found to be

in substantial agreement with the O'Neill and Reese 1970 data

base. Some variations in the plasticity index with depth were noted,

but were not substantial within the maximum depth of investigation for

this study (35 ft).

Consistency Variation

As a follow-up to the investigation of property variations with

space and time, horizontal test specimens used for the water content

variation analysis were also subject to pocket penetrometer tests to

investigate the variation in consistency. Similar to the water content

results, this study indicated variations in pocket penetrometer readings

of as much as 1 tsf over distances as small as 5 in. No trend of con-

sistency variation with proximity to the shaft was noted. Pocket pene-

trometer readings taken on vertically oriented thin-wall tube samples

during the test boring operations generally fell within a data band of

such measurements made by O'Neill and Reese during their field studies.

Undrained Shear Strength

The undrained shear strength of the subsoils at the site was

investigated by both in-situ and laboratory testing. The field testing

consisted of pressuremeter (PMT) and quaUi-static cone penetration (CPT)

tests. Undrained shear strength was measured in the laboratory by

unconsolidated undrained triaxial compression (UU) tests. In addition

to these tests, torvane measurements were made in the field immediately

upon recovery of selected undisturbed samples.

Test Results

As indicated by Figure AS, there is a surprisingly close correla-

tion between the undrained shear strength as measured by the torvane and

pressuremeter tests using the Gibson and Anderson 11961) interpreta-

tion. The results of unconsolidated undrained triaxial tests on samples

whose failures do not appear to be substantially influenced by fissures
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also demonstrate the same trend with depth, but are somewhat lower than

the torvane/PMT results. Below a depth of about 15 ft, the undrained

shear strength as interpreted from the CPT test for a cone factor of 20

also appears to be in reasonable agreement with the torvane/PMT re-

sults. Above this depth the CPT interpretation indicates significantly

higher undrained shear strength and appeared to be sensitive to the

change in overconsolidation ratio with depth.

Interpretation of UU Tests

In practice, the undrained shear strength of cohesive soils is

conventionally determined by unconsolidated undrained triaxial tests, if

at all possible on good quality samples. For fissured cohesive soils

such as the Beaumont clays, however, the results of UU tests are often

influenced by premature failures due to the orientation of fissures

within the sample. This effect is observed in this study and in the

previous study by a significant scatter in the undrained shear strength

data.

Conventional interpretations of UU test data for design purposes

are to determine a "mean value" strength profile by judgement or by

regression analysis. As the position of this "mean line" is affected by

the number of tests conducted, the sample size, and the test sample

distribution with depth, this representation becomes a somewhat arbi-

trary plane of reference. Further, the vertically oriented direction of

the failure plane along the shaft would be expected to be much less

influenced by the presence of fissures than during UU tests.

As a consequence, it was concluded that the undrained shear

strength of samples whose failure stress is not significantly influenced

by the presence of fissures is a more rational plane of reference to be

used for pile and drilled shaft design analyses. Testing procedures to

define the "unfissured" undrained strength should utilize smaller test

specimens (l.4-in.-diameter is suggested) and a sufficient number of

tests should be run to define the unfissured strength variation with

depth.
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Conclusions

The normalized undrained shear strength of saturated cohesive

soils has been shown to be a key parameter in the use of effective

stress methodology for analysis of the load-carrying capacity of drilled

shafts. For routine application, UU tests on good quality samples can

be used to characterize the undrained strength and stress history pro-

vided the clay exhibits "normal behavior" under elevated consolidation

pressures, i.e., no significant changes in soil structure or discontin-

uities (fissures, etc.) influencing failure modes are observed. As a

supplement to UU tests, torvane tests should also be routinely run im-

mediately upon sample recovery so that these data may be used to help

assess the unfissured, undrained shear strength profile as developed

from UU tests.

Extension of the proposed concept of undrained shear strength

characterization to fissured soils other than the Beaumont clays must

first consider the fissure frequency within the soil mass. For example,

should a fissure spacing much closer than is observed in the Beaumont

clay be encountered, it may not be practical to define an unfissured

strength using UU tests. The application of UU tests for the prediction

of OCR is also dependent on characterization of the S versus OCR rela-U

tionship. As indicated, this relationship can be estimated within

reasonable bounds. However, it is always prudent to reduce the degree

of uncertainty by establishing this relationship by SHANSEP CIU testing

of representative samples whenever possible.

Drained Shear Strength

The drained shear strength of representative samples of the sub-

soils was measured for both peak and residual strength conditions. The

drained strength (effective stress) parameters of the soil were devel-

oped from isotropically consolidated triaxial tests with porewater

pressure measurements; whereas residual strength was determined primar-

ily by direct shear testing of specimens with pre-cut failure planes.
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An isotropically consolidated drained triaxial test employing a pre-cut

failure plane and stage loading techniques was also conducted to supplement

the direct shear test results.

Peak Strength Parameters

The effective friction angle, P , was determined from the CIU tests for

three basic groups of soil specimens to represent the subsoils on the basis of

their classification and plasticity index PI. For the average PI values of

17, 31 and 35, V' was found to be 28.5, 23.1 and 22.6 degrees, respectively.

These data were supplemented from the K 0triaxial tests by interpreting '

from K 0values measured in the normally consolidated range. The P' values de-

termined from these tests for plasticity indices of 34, 43 and 48, were 27.4,

21.1 and 19.9 degrees, respectively. As indicated by Figure 25 (Volume II),

all but one of the combined data sets can be used to predict P' from PI with

good confidence. This is quite useful for predicting the skin friction of

shafts drilled in Beaumont clay by means of effective stress analyses.

Other effective stress parameters interpreted in this study included the

effective cohesion and the pore pressure response at the maximum deviator

stress (failure). Although these parameters are not relevant to the analyses

reported herein, they are useful in comparing response of the Beaumont clay

with other similar materials. For example, within the OCR range of interest,

the measured A f versus OCR trend appears to be quite similar to that of the

London clays.

Redsidual Friction Angle

The results of slow (drained) loading of triaxial and direct shear speci-

mens with pre-cut failure planes define a residual friction angle of nine de-

grees for effective normal stresses (G;) on the failure plane above about 1.7

tsf. Three tests within a a' range of about 0.7 to 1.2 tsf indicated an aver-
n

age ; of 15 degrees. It was concluded that 4' of the Beaumont clays is

stress-dependent as has been reported for numerous other clays. From the work

of many investigators, it has also been established that 4 ' is dependent on

the plasticity index of the soil.
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Thus, ck' of the Beaumont clay was found to be dependent upon both the
r

plasticity index and the effective stress normal to the plane of shear.

The variation of the trend of P' with Pi was assumed to follow
r

that recommended by Kanji and Wolle (1977). This relationship, summna-

rizing the work of a number of investigators, was adjusted to fit the

data points developed during this study. A further adjustment was made

to reflect the influence of effective normal stress. The combined

adjustments were incorporated as a single influence factor to be used

with the Kanji and Wolle (1977) data as described by Equation 4 (Volume

II).

Borehole Shear Tests

Borehole shear tests were conducted at five locations at average

depths ranging from 6.8 to 18.9 ft below the ground surface. For these

tests, the grooved metal shear plates were faced with mortar to simulate

shaft-soil interaction. Above the water table (approximately 11 ft) the

shear tests were judged to be essentially drained; whereas below the

water table, drainage conditions during shear are quite uncertain.

Within the unsaturated soil zone, three stage test series yielded fric-

tion angles of 22.3, 24.4 and 24.1 degrees. There was some evidence

that longer consolidation periods prior to shear yielded slightly higher

values of '. Below the water table the same type of test yielded

remarkably similar friction angles of 10.4, 10.8 and 10.7 degrees. An

additional single test series was run in the unsaturated soil zone (6.8

F ft) after filling the hole with water. This test yielded a friction

angle of 13.3 degrees, intermediate between the unsaturated and satur-

ated zone test results.

Comparison of the unsaturated zone tests indicates excellent

correlation with ' as determined by laboratory triaxial tests. It was

concluded that tests below the water table which yielded values on

the order of 10.5 degrees probably represent undrained shear, although

these values are similar to the residual friction angle measured at very

large strains.
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Conclusions

The effective angle of internal friction, t', of the Beaumont clay

has been found to be related to plasticity and ranges from as much as

28.5 degrees at an PI of 15 percent to as little as 20 degrees at

an PI of 48 percent. Within the ranges of stresses used during testing,

no significant curvature of the Mohr-Cculomb envelope was apparent.

Thus, for purposes of drilled shaft analysis, ' can be expressed as a

function of PI with relatively good confidence.

The residual friction angle was found to be dependent on both the

plasticity of the test sample and the effective normal stress on the

plane of failure. Within the effective normal stress range tested (0.7

to 5.0 tsf), P' ranged between 15 and 9 degrees, the minimum value being
r

developed at effective normal stresses greater than about 1.75 tsf. To

estimate P', a simple relationship is presented as Figure 27 (Volume II)
r

which considers both plasticity and effective normal stress levels.

State of Stress

As the effective stress approach to the prediction of the load-

carrying capacity of piles or drilled shafts is dependent upon the

characterization of the in-situ state of stress of the subsoils, the

relevant parameters must be very carefully evaluated. Specifically, it

is necessary to characterize the maximum past pressure (a' ), the
vm

overconsolidation ratio (OCR) and the coefficient of earth pressure-at-
rest (K ). This study has focused upon characterization of these

parameters by both laboratory and field testing, as well as by

correlation with other soil properties/parameters.

Maximum Past Consolidation Pressures

Assessment of the a' and OCR (the ratio of a' to overburdenvm vm
pressure, avo) is made by direct interpretation of the results of con-

solidation and pressuremeter tests and is estimated from correlations

between the normalized shear strength Su/0o and OCR. Of the various

methods used to interpret the consolidation tests, the method proposed by
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Burmister (1951) was judged to produce the most consistent variation

of J' with depth and values which were somewhat higher than interpreted
vm

from the other procedures. As typically observed, c' is underpredicted

from consolidation test interpretations (primarily as a result of un-

avoidable sample disturbance); the Burmister predictions were taken as

the most realistic of those derived from consolidation tests.

Prediction of OCR from Equation 9 is derived from Su /0o data.

These data are based on UU tests where the failure of the sample did not

appear to be significantly influenced by the presence of fissures. The

bounds of the OCR versus depth predictions were made assuming the

exponent n of Equation 9 to vary from two-thirds to three-fourths and

the coefficient K to be a constant, 0.35. The lower bound OCR profile

defined by this method was found to be somewhat higher than that derived

from the upper bound consolidation tests. Subsequently, these bounds

were concluded to be a conservative representation of the probable in-

situ OCR variation with depth.

Comparison of the above o' bound predictions from the pressure-vm
meter tests with those from the consolidation tests indicated reasonable

conformance below a depth of about 15 ft, but with increasingly smaller

PMT predictions at shallower depths. Further, the trend of PMT predic-

tions, becoming less with decreasing depth, did not reflect the zone of

apparent desiccation clearly defined by the consolidation tests, the

quasi-static cone resistance profiles and by near-surface liquidity

indices. It was concluded that interpretation of G' from the PMT is
vm

basically an empirical procedure. Further, the postulated o' PMT' ho

measurement is not directly related to the vertical preconsolidation

pressure, particularly where the soils have been subject to desiccation.

Coefficient of Earth Pressure-At-Rest

Measurement of K in the laboratory was performed by "no lateral0

strain" triaxial tests and was interpreted from the results of pressure-

meter tests. This parameter was also predicted as a function of the

measured plasticity and interpreted OCR of the subsoils.
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The K laboratory tests conducted at depths of 4.3, 11.0 and 22.3,01
produced K values of 0.80, 0.84, and 0.78, respectively. Based on past

0

experience with heavily overconsolidated clays, these values were judged

to be well below those which would be expected in-situ. It is generally

accepted that this phenomenon is the result of the unavoidable sampling

disturbance, which is realized even with good quality samples, coupled

with the extreme sensitivity of K to sample disturbance.0

The value of K as interpreted from pressuremeter tests ranges
0

between 1.1 and 1.8 and is somewhat erratic with depth. All the mea-

surements were not considered to be of equal quality. By eliminating a

questionable near-surface measurement and the maximum value measured,

the trend below a depth of approximately 9 ft is reasonably cc.sistent

with the OCR versus depth trend predicted by the laboratory tests.

Values of K have been predicted from the profiles of OCR, effec-
0

tive friction angle and plasticity index in accordance with Equation 3

of Volume II. The OCR bounds are those defined by the upper limit from

consolidation test interpretations and the lower limit from shear

strength interpretations. As shown by Figure 20 (Volume II), the

predicted upper bound of the K versus depth envelope (with one0

exception) is just below the envelope predicted by the most credible PMT

measurements. In this analysis, the effective friction angle used was

that determined from the laboratory testing of representative specimens,

as previously described.

Summary

It is concluded that carefully conducted consolidation tests on

good quality soil specimens can be used to predict a lower bound of the

most probable maximum past consolidation pressures within the soil

deposit. The investigators' experience with this and other studies

indicate that the Burmister (1951) technique often provides what appears

to be a somewhat more representative interpretation. In this interpre-

tation, care must also be taken to conduct laboratory tests so as to

preclude reduction of 0' due to secondary compression effects. Should
vm

samples of questionable quality be interpreted, a' should also be
vm
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interpreted as recommended by Schmertmann (1955) and the largest values

taken as being most probable.

It has been concluded that laboratory K measurements are likely0

to predict values which are too low, primarily a result of sample dis-

turbance. Although not always applicable, it is recommended that SHAN-

SEP testing techniques be employed in conjunction with K triaxial tests0

to attempt to mitigate the effects of sampling disturbance.

Pressuremeter interpretations of K show promise, although the

interpretation procedure is essentially empirical. The interpretation

of a' from PMT records appears to be less promising and could be com-

pletely invalid should 0' be evolved primarily due to desiccation
vm

effects. Should the stress history be dominated by unloading effects,

it is more likely that measured a' values (if such can be measured) mayho

be related to a' . In all cases, there remain uncertainties connected
vo

with drainage conditions-existing within the soil zone stressed by the

pressuremeter probe.

Prediction of Ultimate Skin Friction

Methodology for the prediction of the ultimate skin friction of

drilled shafts has been assessed incorporating the field and laboratory

studies performed as part of this investigation, together with the

results of the instrumented load tests conducted at the site in 1969.

The focus of this assessment has been to attempt to predict the observed

peak and post-peak skin friction using methods based on fundamental soil

properties and parameters. Predictions from laboratory and/or field

tests conducted so as to simulate soil-shaft load transfer and thereby

directly measure ultimate skin friction were also investigated.

Analysis from Soil Properties

Two effective stress formulations for prediction of skin friction

were evaluated by comparing theoretical predictions to observed be-

havior. The method based on critical state soil mechanics (see Equation

8 of Part IV, Volume III) was found to yield a reasonable prediction of
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skin friction provided the surface and tip effects on shaft capacity

were considered. To predict skin friction, Equation 8 was applied in

the form of both an "average layer" and a discrete layer solution. The

discrete layer solution, by being sensitive to the variation of soil

properties with depth, is a more rational approach and is recommended if

justified by the available data base.

Soil Properties/Parameters

It has been proposed that Equations 8 and 10 of volume III

be solved in terms of either OCR or, for "normal" clays, in terms

of S /0' . It has been concluded that Su/0' is usually more convenient
u vo u 0v

for routine applications, and with high quality samples, may produce a

better representation of OCR. This is particularly true should

the S /a' versus OCR relationship be developed by SHANSEP testing
u vo

procedures. For fissured clays, such as the Beaumont formation, it is

noted that S5 /a0 must represent the normalized shear strength of sam-

ples which are not significantly influenced by fissures. It has also

been shown that the relationship between S /C0' and OCR can usually be
u vo

conservatively estimated from published information.

The remaining soil parameters of interest to the proposed effec-

tive stress analyses consist of the C$' and K 0. The effective friction

angle, 4', has been characterized for the Beaumont clay from laboratory

test data as described in an earlier subsection of Part VIII entitled

"Peak Strength Parameters." More generic representatives of V' could be

incorporated if generalized solutions are generated similar to the Alpha

Factor - S u/0'0 relationship shown as Figure 11 of Volume III.

The coefficient of earth pressure-at-r -st has been characterized

as a function of the plasticity index and OCR of the subsoils in contact

with the shaft in accordance with Equation 3 (Volume II). It is noted

that the parameters in this equation were originally derived from spe-

cial oedometer tests on reconstituted soils and that similar tests on

undisturbed samples usually indicate somewhat higher K 0values. It is

concluded that this conservatism is appropriate for the proposed method

of ultimate skin friction evaluation.
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Empirical Correlation Factors

To recognize the free-surface effects on the ultimate shaft fric-

tion, the recommended method of analysis limits the ratio of calculated

shear strength to the effective vertical stress (the Beta Factor) to a

maximum of 1.6 at any location along the shaft. The effect of base

loading on the shaft load transfer above the base is recognized by

reducing the shaft length to that length which is effective in trans-

ferring load to the soil. This reduction was about 4 ft (1.6 diameters)

for the single conventional dry-cast, straight shaft tested (S-1). A

somewhat smaller reduction was noted for the dry-cast belled shaft (S-

2). Reese and Wright (1977) suggest that both straight and belled

shafts which are dry-cast should be shortened by one diameter; whereas

O'Neill and Reese (1972) recommend a 5-ft reduction of shaft lengths in

the Beaumont clays. As the base shaft-load interaction is a function

not only of the bearing diameter, but also the stiffness of the bearing

soils, this phenomenon clearly needs additional research.

In the proposed methodology for the prediction of skin friction,

the shaft-soil friction angle (6) has been characterized as a reduced ~
by correlating the predictions with load test data for the Beaumont

(O'Neill and Reese, 1970) and the London (Whitaker and Cooke, 1966)

clays. The derived 6 is expressed by applying a constant reduction

factor (in degrees) to p' as a function of the method of drilling and

the amount of deformation beyond that required to develop the peak

shearing resistance. For shaft deformations sufficiently large enough

to define the residual shearing resistance, 6 is assumed to equal '
r

and no further reduction in 6 is assumed with greater deformations.

Close correlation of the average peak T f (as predicted by the

discrete layer analysis) was obtained with the S-1 and S-2 load test

results by characterizing 6 for the dry-cast shafts as q' - 3 de-

grees. For simulation of the minimum post-peak average T f during the

first loading of Shaft S-1, 6 was found to be ~'- 5 degrees. For

those shafts failured with large deformations, 6was found to range

from 8.0 to 12.4 degrees, which suggested that 6can be approximated
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by '. The application of ' to the prediction of T for slurry drilled
rr f

shafts is also suggested by the results of the analysis of test shaft

S-4, i.e., average 6 is approximately 13.5 degrees without considering

the last 5 ft of the shaft being drilled dry.

Skin Friction Similitude Methods

Test methods were assessed to investigate the possibility of

simulation of shaft-soil interaction and direct interpretation of peak

skin friction from the test results. The methods considered were

soil-mortar interface shear tests, borehole shear tests and moisture

migration correlations.

Soil-mortar interface shear was investigated by direct shear tests

on specimens prepared to simulate in-situ soil-shaft interface condi-

tions. The test specimens were sheared under various effective normal

pressures at rates approximating the rate of field loading. The Mohr-

Coulomb envelope derived from these tests was found to be identical to

the envelope derived from direct shear tests on companion soil samples,

although the strength ratios of individual sample pairs usually ranged

between 0.81 and 1.18. It was, therefore, concluded that this technique

shows little promise as a method for direct simulation of the skin

friction mobilized during the loading of drilled shafts.

In-situ borehole shear tests were conducted at various effective

normal stresses by stage-loading techniques. To simulate soil-shaft

interface conditions, the shear plates engaging the soil within the

borehole were faced with a mortar mix identical to that used in the

laboratory interface shear tests. Various rates of loading were inves-

tigated to evaluate the effects of shear rate.

The results of the borehole shear tests above groundwater level

yielded friction angles slightly higher than V" as measured by triaxial

compression tests in the laboratory. Below the groundwater level,

friction angles on the order of 10.5 degrees suggested that the soil was

not being sheared under fully drained conditions. The shearing resis-

tance-deformation curves derived from the tests indicated that peak

shearing resistance was obtained at movements significantly less than
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that observed from shaft load-transfer curves. Their configuration also

usually demonstrated a significant post-peak reduction in shear

strength. From these results, it was concluded that the borehole shear

test as configured in this study is not appropriate for simulation of

drilled shaft interface shear. However, this test does appear promising

for the in-situ evaluation of p' for the subsoils.

The moisture migration studies were conducted in conjunction with

the laboratory interface shear tests. These studies related the differ-

ence in the post-shear water contents of the soil in the proximity of

the mortar and the natural water content to the strength ratio of the

companion test samples. A correlation was developed between the

strength ratio and the maximum water content of the soil in proximity to

the plane of failure. This somewhat tenuous relationship indicated

average stress ratios for three generalized strata ranging from 0.83 to

0.92 as compared with the 0.8 factor reported by O'Neill and Reese

(1970) for similar tests in Beaumont clay. These investigators recog-

nized that water content changes are only partially responsible for

degradation of the undisturbed strength of the subsoils produced by

shaft installation and loading. In any event, it was concluded that the

large moisture content variation existing over short distances within

the Beaumont clays would preclude effective use of the moisture migra-

tion concept for evaluation of the shearing resistance of sharts drilled

at the site.

Summary

The application of effective stress concepts using critical state

methodology appears to be, by far, the most promising technique investi-

gated for the prediction of the peak shearing resistance of drilled

shafts in cohesive soils. The soil parameters for the proposed formula-

tion (Equation 8) can be readily obtained from routine triaxial shear

and consolidation tests in laboratory, as well as by correlation with

parameters such as plasticity index and overconsolidation ratio. Analy-

ses conducted to predict the results of load tests conducted at the site

employed both "average layer" and "discrete layer" analyses. The latter
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method was recommended because of its sensitivity to changes in soil

property with depth.

Generic solutions for shafts drilled in bedumont clay was generat-

ed in terms of both the Beta Factor (rf/O'o) and the conventional Alpha
tvo

Factor (T f/S ) as a function of either the overconsolidation ratio or

the normalized shear strength. For application of this technique in

routine practice, it is suggested that unconsolidated undrained triaxial

tests on good quality undisturbed samples, together with plasticity

indices are all that are required to provide a reasonably accurate

solution of Equation 8. However, the clays tested must exhibit "normal

behavior," i.e., exhibit no structural changes under elevated

consolidation pressures. Finally, it is concluded that the proposed

methodology should not be used as a sole technique for prediction of

the drilled shaft skin friction pending additional correlation of the

method with available load test data representing a variety of relevant

subsurface conditions.

Investigation of laboratory interface shear tests, specially

adapted borehole shear tests and moisture migration techniques fail to

identify any promising rational correlation between the test results and

the shaft friction derived from the load tests. The borehole shear test

did show significant promise for the in-situ evaluation of the "' cf the

soils. An evaluation of the configuration of the shear plates consider-

ing the scale and end constraint during shear may be appropriate upon a

re-evaluation of this test approach for skin friction prediction.

Further, a review of critical deformation as determined from laboratory

rod shear tests, the borehole shear tests and the full-scale test piers

may provide information to evaluate the shaft diameter scale effects on

the amount of deformation required to develop peak shearing resistance.

Load-Deformation Prediction

Prediction of the load-settlement response of the test shafts has

been approached by an accredited method of load-deformation compatibil-
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ity analysis (AXCOL) employing load-transfer curves. Consequently,

emphasis has been given to the developm~ent of a rational method of load-

transfer curve simulation as a function of relevant soil properties and

shaft geometry.

Initial Tangent to Load-Transfer Curve

Independent evaluation and analysis of the strain gage measurements

for Test Shaft S-1 indicated that the interpreted load-transfer curves

can be mathematically simulated with good confidence up to peak stress

using the hyperbolic transformation technique. With this approach, the

initial tangent to the load deformation curve, the maximum shearing

resistance and the critical deformation need to be predicted. It was

found that the initial tangent could be predicted as a function of OCR,

except where the shaft load transfer was influenced by surface and tip

effects. As S u/as'v can be directly related to OCR for most soils, an

alternate relationship was also derived. A limited investigation to

relate the initial tangent slope to the maximum (small strain) shear

modulus also proved to be extremely promising in that G /E. appears to
max 1

be a constant, except at the zones of surface and tip influence.

Critical Deformation

As the effective stress technique appears to be a rational method

of predicting the peak and residual shearing resistance along the shaft,

it remained to characterize the relative shaft-soil movement required to

mobilize TV i.e., the critical and if appropriate, post-peak deforma-

tions. Although the average critical deformation of drilled shaft in

stiff clay is generally accepted to be on the order of 1/4 inches, the

critical deformation of various depths along the shaft was found to be

variable.

Review of the critical deformations, Pff at various depths along

the shafts for Test Shafts S-1 and S-3 indicated the critical deforma-

tion decreased either along the entire length of the shaft (S-3) or

along the lower one-third of the shaft (S-1). It is not known whether a
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reversal of this trend in the upper part of the S-i shaft is anomalous

or representative behavior, remembering that S-3 is also a dry-cast

shaft of similar length and diameter and differs only by the presence of

a void beneath the base of the shaft. 'There is, however, a promising

correlation between the log p f and the depth shaft-length ratio. There

is also some evidence that pfis influenced by the length-diameter ratio

of the shaft.

Reduction in shear strength upon deformations greater than the

critical deformation required to develop peak shearing resistance was

modeled after a cosine function restrained to meet the peak shearing

resistance at a rotation of zero degrees and the prescribed post-peak

shearing resistance at a rotation of 180 degrees. Consequently, it is

necessary to predict the residual or an intermediate post-peak shearing

resistance and the associated deformation required to develop this

resistance. Unfortunately, there is insufficient data available from

the load test results to provide any rational correlations with post-

peak load-deformation behavior.

Summnar y

The load-settlement curves of selected test shafts were success-

fully predicted using the established AXCOL program and incorporating

load-transfer curves simulated primarily from the soil properties and

stress history of representative samples of the Beaumont clay. The

greatest uncertainties of the method are associated with the critical

and post-peak deformation predictions as a function of depth along the

shaft. The sensitivity of these parameters (average versus variable

values) should be investigated, as well as the applicability of the

technique to shafts with different lengths and sites with other subsur-

face conditions.

Areas of Needed Research

Some of the concepts and methodologies identified by this study

are believed to be sufficiently promising to justify additional inves-
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tigation. Some of the more significant of these findings are discussed

as follows.

Ultimate Skin Friction Prediction

Further investigation of the effective stress approach proposed to

predict ultimate skin friction (Equation 8) is believed to be appropri-

ate. This investigation would focus on confirming the applicability of

the critical state methodology to drilled shafts at sites with soil

types and stress histories which are different than the Beaumont

clays. Equally important is to evaluate shafts with larger length-to-

diameter ratios than have been considered in this study. This investi-

gation should include an extension of the preliminary analysis included

in this study of the London clay load tests reported by Whitaker and

Cooke (1966).

Effect of Base Load on Skin Friction

Currently a reduction in shaft load transfer usually observed just

above the base is accommodated by arbitrarily assuming that the last one

diameter or four feet of the shaft does not transfer any load in skin

friction. investigation of this behavior is needed to develop a less

arbitrary approach. This proposed study would likely include analysis

of available instrumented load test data and mathematical simulations

considering possible influencing parameters such as the stiffness of the

bearing soils, the bearing stress and the geometry of the shaft. The

object of this investigation would be to develop a rational, but simpli-

fied, design procedure to model tip effects on skin friction under both

working and ultimate loads.

Soil-Shaft Friction Angle

As the proposed skin friction solution incorporates an empirically

derived 6, it is important to attempt to provide a more rational

approach to the determination of this parameter. For example, Randolph

and Wroth (1981) have suggested that the direct simple shear (DSS) test

may approximate the failure mode at the soil-shaft interface. This is

significant as the effective friction angle determined by triaxial

tests (t' ) can be as much as five degrees greater than would be mea-
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-ured by the DSS test. The work of these investigators also provides a

theoretical basis for the reduction of tx to dss

The foregoing concepts may provide a basis to characterize 6

from tx of either the undisturbed or remolded soil by two and possibly

three reduction parameters. The primary reduction parameter (A1) ac-

counts for the rotation of the principal stress direction during shear

as previously described. The next reduction parameter (A2) represents

the influence of soil disturbance and softening caused by the

construction process. This is probably not as significant as A The

third potential reduction parameter (A3) is associated with the

curvature of the Mohr-Coulomb envelope. However, this reduction

parameter may be significant only for relatively long shafts and

possibly for shafts in heavily overconsolidated soils.

Load-Transfer Curve Simulation

The primary deficiency in the approach to simulation of the shaft

load-transfer curves employed in this study is the uncertainty related

to-the prediction of the distribution of critical deformation along the

shaft. There is a similar uncertainty in characterizing the amount of

relative soil-shaft movement required to predict residual strengths.

These parameters, therefore, need additional study.

Although a promising approach has been identified for derivation

of the initial tangent to the load-transfer curve, this approach also

needs to demonstrate correlations which are applicable to instrumented

load tests from more than one source. For the Beaumont clays, the

correlation of E. with calculated G values also needs to be confirmed
1 max

by laboratory G tests such as cyclic torsion (resonant column).max
Pressuremeter Tests

There is some evidence that pressuremeter tests may be used to

provide in-situ measurement of a' provided soil disturbance is mini-ho

mized during creation of the probe access hole and that drained condi-

tions are achieved before each new load increment is applied. Further,

a one-to-one correlation of 0' with the yield pressure as defined byvM
the pressuremeter test has been suggested, although there is apparently

no clear basis in theory for this contention.

61



As in-situ measurement of 0, and 0' would be of great utilityho °nm
for a number of applications; research of the pressuremeter test with an

emphasis on stress history determination in cohesive soil would be a

significant contribution. It is envisioned that an appropriate method

of investigation would be tests conducted under controlled laboratory

conditions in soils prepared to simulate different stress histories.

Sedimented and subsequently preloaded soils could be tested by implant-

ing the pressuremeter probe prior to sedimentation or by inserting the

probe after sedimentation, but prior to preloading; thus, simulating the

field application condition.
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Table 1

Mean Deformation and Ultimate Shaft Load

Shaft Load (tons) Deformation* (inches)

Shaft

No. Peak Residual** Peak Residual

S-1 96.7 74.6 0.20 0.25

S-2 91.6 42.9 0.15 0.10

S-3 120.7 52.4 0.45 5.5

S-4 194.0 165.0 0.30 0.25

* Represents the mean shaft deformation.

** Minimum shaft load recorded on reloading or for large deformation

on first load.

Table 2

Average Alpha and Beta Factors

Su  G' Peak Tf Residual T frShaft

No. (tsf) (tsf) 8t rr

S-I 1.23 0.58 0.51 1.09 0.39 0.84

S-2 1.20 0.55 0.52 1.15 0.32 0.54

S-3 1.30 0.67 0.50 0.96 0.27 0.51

S-4 1.53 1.09 0.36 0.47 0.31 0.40

Note that Alpha (L) is defined as Tf/S u and that Beta (8) is defined as
T f/0.



Table 3

Load-Transfer Curve Parameters

Measured Tf T /0o E. E./o' Rf f
ff vo I 1 vo f f

Depth (ft) (tsf) (3) (tsf/ft) (ft-I) (in.)

2.08 0.206 1.585 247 1900 0.89 0.093

4.17 0.357 1.370 219 840 0.77 0.125

8.33 0.726 1.394 257 494 0.78 0.187

12.50 0.950 1.216 279 357 0.85 0.347

14.58 0.940 1.032 300 329 0.96 0.552

16.67 0.719 0.726 227 229 0.85 0.187

18.75 0.379 0.359 166 157 0.81 0.130

20.83 0.610* 0.345* 50* 45* - 1.75*

* Data near tip may not be valid.

** Rf is defined in Figure 1.

Table 4

Soil Parameters for Effective Stress Analysis

Parameter Reference Remarks

OCR Fig. A-I Upper Bound Prediction

K Fig. A-2 K = (1 - sir, V) (OCR) m
0 0

Fig. A-3 Assumes average ' = 21.90

Fig. A-3 6 = ' and ' - 40

a' Fig. A-4 Groundwater Level @ 15 ft consistent
vo

with 1969 data and conditions



Table 5

Test Pier Analysis Summary

* **

Shaft Dia. L L (Q) (Q)
e sp sr vo p r

No. (ft) (ft) (ft) (tons) (tons) (tsf)

S-I 2.56 23.1 19.0 96.7 74.6 0.56 1.09 0.84

S-2 2.59 23.0 17.8 91.6 42.9 0.67 1.15 0.54

S-3 2.58 23.0 23.0 120.7 63.7 0.67 0.96 0.51

S-4 2.67 45.0 45.0 194.0 165.0 1.09 0.47 0.40

* Shaft length transferring load tc soii.

** Lowest Qs upon reloading or upc,. CRS test to larqe defcrmation.

Table 6

Calculated Average Friction Angles

Average Friction Angle (Deq.)*

Shaft
No. Peak Post-Peak** Residual

Discrete Average Discrete Average Discrete Average
S-I 19.7 17.0 17.5 13.5 12.4 12.4

S-2 19.8 18.5 8.0 7.5

S-3 19.7 16.0 8.0 7.5

S-4 13.5t 9.7 11. 2 8,0

* max = 1.7.

** Minimum first load post-peak 'f.

4 Includes 15 ton reduction for shaft wedging effects.



Table 7

Alpha Factor From Moisture Migration Tests

Stratum Depth w n% w cio o

No. (ft) ____ ___ ___

1 0-17 24.5 24.0 1.01 0.92

2 17-20 23.5 23.1 0.96 0.83 0.51

3 20-26.5 23.7 23.3 0.98 0.85



E1, /iE,

-Tf

/FNote: R, f Tf
f if h

(a)

Tf

Ei

(b) 
P

Hyperbolic Transformation
of

Shaft Load-Transfer Curve

Fia. 1



DEVELOPED ULTIMATE SHEAR STRESS ALONG SHAFT, Tf (?sf)

0 0.2 0 4 0.6 0.8 '0 2 4

0-

4--

S-2

6-

------ ----

LJ

LI --0----

12 -

-- -- ----

--- 2 ----

4-

16

18-F

20 __

PEAK SHAFT RESISTANCE

DEPTH OF MEASUREMENT
DRY CAST SHAFTS - FIRST LOAD

Fig. 2



BETA FACTOR (-rf/ 0- o)
1 '0 2.0 3.0

2-4

-4-4 f_

SI1

8--- ---

w 12

cm 2 - ~ -- -_-----

.4 --- -- --

LUj

-- -- --

S 3 (BASE VO ID) _________

20 L. 23.0'

220-

BETA FACTOR VS.
DEPIH OF MEASUREMENT

FOR DRY-CAST TEST SIAV-iS

Fig. 3



I.C,-

U'-N.C. CLAY

0

0 O.C.CLAY

MEAN NORMAL EFFECTIVE STRESSI.--

0

CRITICAL STATE REPRESENTATION OFEFFECTIVE STRESS PATHS

DURING SHAFT LOADING
Fig. 4

CRTCL TT EPEETAINO



PC3 P'csF__
P6 S~c Po'

2 o 1o 3

LOG MEAN NORMAL EFFECTIVE STRESS

CRITICAL STATE FAILURE REPRESENTATION

FOR SHAFTS IN OVERCONSOLIDATION CLAY

Fig. s



0

o ~
0

= z
.4

0

~ 0 ~
0L~~

c~) z
.4 0

I.,
.4 .4
- =
L~J 0

0-

I- C.)
'.4 0

00

.4

0

___________________________ _______ .4
0 0

C/~ -I
__________ .4 ~ 0
_________ UJ

0*
0

_______ ~ 1.64 ___________
_______ 00

644
I- O~

0

0
~ =
0.4
64-

_________ 1.64

C/)
= 0
0
-C,)
I- 64.1
= -I
~ 0

C-).4

1.64

* 0

0 it) 0 If) 0 o
tJ - - 0

~O13Yd v139



Average shaft friction - KNJm 2

20 40 60 80 100 120 140

0 Wembley Whitaker and
0 Tension Cooke (1966)

a M oorfields
A Barbican Burland. Butler

2 4 Hayes and Dunican (1966)
0 St Giles

x Kensal green

SFinsbury Skempion (19591
x V Millbank

Ix4 0.

0\0

0 '0

10

\K %

0 08\ 8 Ko tan 0'

12

Adapted from Burland (1973)

APPLICATION OF EQUATION L)
SHAFTS DRILLED IN LONDON CLAY

Fig. 7



7 0

C-,'7

II

C/))

cn 0.

CDC

fl 0 -



C4

. .. ...-..

\i vI I- I

~~~ I t

U.S * * 0 L
I I I I c.

I iIn

0nW 0
N L Nu LL -, 0

NODY V13~9



V1

Icm-

z:__ _ _ _ __ _ _ _ _ _ cc~

3cU

N,,

-C, V j -

- .

,.- an.

'n

8010 V139 3VV3A



.25 .

1.00N

o i TO LINSON (1957), CONCRETE PILES
0.5-0.0

u-
LC- 0

0.50

- fm-

LO O LONDON CLAY

S 0.25-______ __

ol LONDON CLAY
0 BEAUMONT CLAY

06 O00 2000 3000 4000

UNDRAINED SHAR STRENGTH, PSF

Adapted from Sowa (1970)

ALPHA FACTOR vs. UNDRAINED SHEAR STRENGTH

DRILLED SHAFTS IN COHESIVE SOILS

Fig. 1o



m=

CIOJ

ccJ Q 1

000

UJ= W

0 0D ~

'o 0 0 
,

Ils9IV8j W CN3iS 8VH
' oi~8 ISVH 31-ll AV-



I l(, Z,.I - Z i F- ZI

SI-I Ti

QT,. Q, ..,.I T  ' 4'

AEi AE, I
Station i-I Stiffness - Stiffness - i+

K h h -

i = external station number

x = length along column from station zero (top)

Z. = displacement at station i
1

h. = length of one increment
1

AE. = product of area and modulus of elasticity
1 for the bar between station i and i-l.

T. = load carried by thie restraint at station i
1

S. = load carried by the column at station i1

Q. = external load at station i

Axial-Column Model

Fiq. 12



10 
4

E

4 4 7. 5 (oCR) 0 9'

0

b >

0

o

2 3 4 5 6 8 '0 20 30 40 50 60 7080 CC

OVERCONSOLIDATION RATIO, OCR

Normalized Initial

-ancient Modulus vs. ()Cv

_i 1



103 I I I

-I:

'jEx Is' 1 21

0
1070

0 ? I I I I I I I _ _ _ _ _ _ _

2 3 4 5 6 7 8 9 10 20 30

. o:-alized Initial Tangent Modul1
vs. Nornalized Shear Strength

Fig. 14



MAXIMUM SHEAR MODULUS (Gmax)

INITIAL TANGENT TO LOAD TRANSFER CURVE (Ei)

46 8 10 21 6F.

15-

00

LEGEND:

25-_________ Gmax AFTER HARDIN AND DRNEVICH (1970)

_________ 0 Gma, AFTER SEED AND IDRhSS (1970)

INTERVAL NOT SIGNIFICANTLY INFLUENCED
________ BY SURFACE AND BASE LOAD EFFECTS

30

GmaxlEi VS EMBEDMENT DEPTH

TEST SHAFT S-I

Fig.



FAILURE DEFORMATION ALONG SHAFT (IN.)

00 0 2 0 3 0 4 0 5 0 6

(a) DEFORMATION AT PEAK 7f ii

5 TEST SHAFT S-I

20-

C.

6 8 10 12 14 16 820

SHAFT LENGTH IDIAMETER



4.0

2.0 \

S0

\ ,
0.8 - 0

I-
I-

z 0.2 I
0

0

0.1

0.08 -

0.06

0.04 I

0.02 __ _ ___ _ _

0 0.2 0.4 0.6 0.8 .0 .2

EMBEDMENT DEPTH/EFFECTIVE SHAFT LENGTH (x /Le)

Log Q vs. x/Le
Test Shaft S-3

Fia. 17



LOAD (tons)
0 50 100 150

0 1 T I II

5

4- 1

SHF S

0 0 A 1

153

AppieLof o d T et AXCOL 3
(tons.)Results Reut

1i0 18



CLC

0 CL

U.. 0 l
y c 0

Sd= '(300



LOAD (tons)
0 50 100

0

A x

5

15

20

125

Load Distribution Curves for
Quick Load Phase of S3T1Ll

with AXCOL 3 Results
Fig. 20



_.D

0

oo .)
0

- 0

.~ 0

I- -E
Z .20

icx a__ _ _C) (n a. 0 .

I<

_ _ _i n
0

0
to Q

IV
0

0 J

10
0

0

0 0 0 0
0 n l In

Odil 'Ov-



i w

ii

w

U...

Qw

0

0n

SO

I-

/ -,

______ 'Ow



APPENDIX A

FIELD AND LABORATORY TEST RESULTS
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In accordance with letter from DAEN-RDC, DAEN-ASI dated
22 July 1977, Subject: Facsimile Catalog Cards for
Laboratory Technical Publications, a facsimile catalog
card in Library of Congress MARC format is reproduced
below.

Study to investigate the effects of skin friction on
the performance of drilled shafts in cohesive soils / by
Woodward-Clyde Consultants, Houston, Texas. --

Vicksburg, Miss. : U.S. Army Engineer Waterways
Experiment Station ; Springfield, Va. : available
from NTIS, 1982.
3 v. in 1 ; ill. ; 27 cm. -- (Technical report

GL-82-1)
Cover title.
"March 1982."
Final report.
"Prepared for Office, Chief of Engineers, U.S. Army."
"Monitored by Geotechnical Laboratory, U.S. Army

Engineer Waterways Experiment Station under Work Unit
AT40/EO/006."
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