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ABSTRACT

An engineering classification for in-situ -ock is proposed which is

based upon the results of field exploration and laboratory testing. The field

program included a study of more than fifteen construction projects from which

data were obtained from geophysical testing, borehole photography, water

pressure testing, and geologic mapping. Laboratory analyses of 530 samples

taken from these projects included physical and mineralogical descriptions, unit

weights, absorption, strength, modulus of elasticity, and sonic velocities

(saturated and dry). The rock types investigated included granite, basalt,

gneiss, schist, sandstone, limestone, and siltstone.

Geologic discontinuities such as joints, faults, and weathered rock

are of major importance in an engineering evaluation of in-situ rock because of

their effect upon the deformability, shear strength, and permeability of the

mass. A quantitative description of these features can be made using two methods

of indexing rock quality; the RQD and the Velocity Index. The RQD (Rock Quality

Designation) is a function of the length of core pieces bounded by joint sur-

faces and is calculated for each coring run. The Velocity Index is the square

of the ratio of in-situ to laboratory sonic velocities. The relationship

between these two indices suggests that each is influenced to about the same

degree by the amount of jointing in the rock. Therefore, either method can be

used in classifying in-situ rock.

The application of the proposed classification to the prediction of

in-situ rock properties is shown by comparing rock quality measurements with

other engineering data. Comparisons are presented between rock quality and

the modulus of deformation determined by plate Jack and pressure chamber tests,

in-situ permeability determined by water pressure tests, and the overall char-

acter of the rock indicated by the rate of construction and support require-

ments for underground openings.

(Distribution Limitation Statement No. 2)
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PRINCIPAL SYMBOLS

Ed  = modulus of deformation, field static test

Edy n  = modulus of elasticity, laboratoiy dynamic test

E = modulus of elasticity, field static test
e

Er  = deformation modulus, field static test (includes Ee and Ed)

Eseis = modulus of elasticity, field dynamic test

Est = modulus of elasticity, laboratory static test

E = tangent modulus of elasticity, laboratory static test
t 50

k = permeability

r = coefficient of correlation

RQD = Rock Quality Designation (core logging parameter)

S = elastic or recoverable deformation, field static teste

St = total deformation, field static test

SE = standard error

SL = level of significance

VF  = field velocity

VL = laboratory velocity

VP = dilational wave velocity (P-wave)

VS  = shear wave velocity (S-wave)

v = Poisson's ratio

p = mass density (unit weight/acceleration of gravity)
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PART A

ENGINEERING CLASSIFICATION OF IN-SITU ROCK

SECTION 1

INTRODUCTION

1. Nature of the Problem

The engineering properties of soil and rock are important factors in

nearly every civil engineering project. The nature of geologic materials is

considered in the foundation design of buildings, bridges, and dams. The design

of highway, canal, and railroad cuts is based on an evaluation of the stability

of natural materials. The properties of soil and rock are especially important

in underground construction as they determine the design, method of construction,

and cost of the project.

The requirements of modern civil engineering for a knowledge of the

engineering properties of natural materials resulted in the development of first

soil mechanics and more recently rock mechanics. Soil and rock mechanics are

specialized branches of material science which is the study of the mechanics of

man-made materials such as concrete and steel. Although both disciplines use

analytical methods developed by material science, they must also use special

techniques to deal with the heterogeneity of natural materials. The use of

geologic studies to plan and evaluate field testing is one of the most important

of these techniques.

Soil mechanics has developed methods for predicting the engineering

behavior of soil based on soil classification, field and laboratory testing, and

the observed behavior of engineering structures. All three elements are impor-

tant, but the concept of soil classification is the unifying element. Soil

classification provides a method for subdividing soil deposits into zones with

engineering significance. Zoning assists in sample selection and the correla-

tion of laboratory and field test results with measured engineering behavior.

Soil classification is performed by classification or index property tests.

These tests do not measure engineering properties of soil, but were chosen

because they are simple, relatively inexpensive, and reproducible tests which

correlate with the engineering properties of the soil mass. Examples are

grain-size and relative density tests in coarse-grained soils and consistency

in fine-grained soils.
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While many properties of soil can be measured in the laboratory and

field, the properties of greatest interest in engineering are permeability,

strength, and compressibility of the in-situ material. These properties depend

on the total character of the soil, the soil grains, and the grain-to-grain

relationships. The engineering properties can normally be measured by laboratory

tests. This fact greatly reduces the cost of soil testing as the cost of obtain-

ing and testing representative samples in the laboratory is generally much lower

than making corresponding measurements in the field.

The engineering behavior of the soil mass is determined by using the

results of laboratory and field testing, the geometry of the soil mass deter-

mined by geologic studies, and the loads imposed.by the structure. If the actual

behavior is measured after construction, then a comparison can be made with the

predicted behavior and future work can benefit from any modifications made in

exploratory or analytical techniques.

Generally, the engineering properties of a rock mass cannot be pre-

dicted with the precision expected in soil investigations. Although there are

many field and laboratory tests available, there are no widely accepted index

properties which correlate with the engineering properties of the rock mass.

In addition, the number of rock behavior measurements which quantitatively define

the in-situ engineering properties of rock is rather limited.

These observations reflect a fundamental difference between soil and

rock. Nearly all rock masses are not solid but consist of a series of partially

interlocking blocks somewhat like a dry masonry wall. These blocks, often

referred to as joint blocks, are roughly equivalent to the soil grain in a soil

deposit. The joint blocks are created by the presence of natural surfaces of

weakness such as joints, shear zones, bedding planes, and foliation surfaces.

Collectively, these surfaces may be referred to as geological discontinuities

for they are natural breaks in the continuity of the rock mass. The spacing of

the geological discontinuities depends upon the rock type and the geologic his-

tory of the deposit. They are commonly spaced a few inches to a few feet apart.

The character of the surfaces ranges from thin, discontinuous breaks which do

not fully destroy the integrity of the rock, to wide fault zones with broken and

altered rock which interrupt the continuity of the rock mass. The spacing and

character of these surfaces determine whether the rock mass will have the pro-

perties of the individual joint blocks or those of residual soil.
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A typical laboratory sample of rock is taken from a single joint

block and the laboratory properties are those of the joint block and not the

rock mass. This characteristic of laboratory testing is imposed by the require-,

ments of sample preparation and the limited size of the sample which can be,

tested in laboratory equipment. The laboratory properties of such intact rock are

similar to those of the rock mass only in the case of exceptionally good rock.

The limitation of laboratory testing in rock mechanics has convinced

some investigators that field testing provides the only source of engineering

information. However, field testing is expensive and only a small number of

tests may be economically justified on even a large project.

Many of the field tests do not measure properties which are of immediate

use to the engineer. For instance, core logs and geophysical tests provide data

which must be interpreted before they can assist engineering design. This inter-

pretation is presently based on the judgment of a geologist or engineer without

the assistance of quantitative correlations. Each of the conventional explora-

tory tests is a potential index property of the engineering properties of a rock

mass, but the science of rock mechanics has been impoverished by the lack of an

engineering classification based on these tests.

In 1959 a proposal was submitted to the U.S. Air Force Weapons

Laboratory, Kirkland Air Force Base, New Mexico, suggesting an investigation of

this p' blem. A two-part investigation was proposed -- the first to provide a

classification system for intact rock, and the second, a classification system

for in-situ rock. It was suggested that both classifications be sufficiently

general in scope that they could be used under a wide range of geologic condi-

tions.

The first phase findings were reported in "Engineering Classification

and Index Properties of Intact Rock" (Deere and Miller, 1966) published by the

USAF Weapons Laboratory. The report is based on extensive laboratory testing

of 13 rock types from 27 sites. The classification presented is based on two

engineering properties of intact rock, the unconfined compressive strength and

the tangent modulus of elasticity measured at a stress level 50 percent of the

unconfined strength. Classification charts were presented which contained test

data from that investigation and from the literature. ',,e charts show that each

rock type has a unique area in the classification indicating that lithologic

descriptions can be used to estimate the engineering properties of intact rock.

The report also showed that unit weight and the rebound hardness determined by
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the Schmidt Concrete Hammer could be used as index properties to estimate the

strength and tangent modulus.

The second phase, reported herein, consists of the collection and

correlation of exploratory and laboratory data to develop index properties, an

engineering classification for in-situ rock, rand the correlation :of the engi-

neering classification with measurements of engineering behavior.

2. Scope of the Investigation

Field exploration data from twelve construction projects were obtained

with the cooperation of the U.S. Bureau of Reclamation, U.S. Army Corps of

Engineers, California Department of Water Resources, and several private com-

panies. Additional information was obtained from private consulting files at the

University of Illinois. The data collected include core logs, borehole photo-

graphy, water pressure tests, and geophysical testing. These data were supple-

mented by additional core logging and geologic mapping performed by University

of Illinois personnel, and geophysical testing performed by Birdwell Division of

Seismograph Service Corporation, and the U.S. Air Force.

Data from in-situ engineering tests were obtained from the agencies

listed above and the literature. These data include the results of plate Jack,

pressure chamber, and radial Jack tests for in-situ deformability, measurements

of deformation caused by engineering structures, and construction records.

Whenever possible, the cooperating agencies provided laboratory infor-

mation. This information was supplemented by testing performed at the Rock

Mechanics Laboratory, Department of Civil Engineering, University of Illinois.

Section 2 reviews previous classifications of in-situ rock. Sections

4 and 5 describe respectively the field and laboratory tests used in this

investigation. Section 6 presents correlations between field tests and

presents an engineering classification of in-situ rock.

The remaining Sections describe the various tests for the engineering

properties of a rock mass. Sections 7 to 12 describe the static and dynamic

engineering tests for in-situ deformation modulus. Section 13 presents correla-

tions of in-situ moduli and the rock quality indices. Section 14 reviews

measurements of deformation caused by engineering structures. Sections 15 and

16 compare rock quality measurements with factors taken from construction records.

Section 17 presents a summary of the correlations. Section 18 presents con-

clusions and recommendations for future research.
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3. Sites Studied

a. Introduction

The sites selected for field study are presented in Table 1.1 which

also gives a listing of prior testing and testing performed during this investi-

gation.. The following paragraphs contain a brief description of the purpose and

geologic conditions at each site.

b. World Trade Center

The data obtained at this site were compiled from the foundation

investigations of the twin 110-story buildings to be constructed in lower

Manhattan in New York City. The bedrock is gneiss, schist, and pegmatite of

the Manhattan Schist Formation which is overlain by glacial drift and fill. The

rock is generally fresh because it has.been scoured by glacial activity. Local

zones of weathered material exist which are probably located along the major

joint systems.

c. Dworshak Dam

This project is located on the North Fork of the Clearwater River near

Orofino, Idaho. The dam is a multipurpose power, flood control, and recreation

facility that is 673 ft high with a crest length of approximately 3,000 ft. Rock

mechanics investigations were completed in 3 test adits in the abutments to deter-

mine the in-situ deformation properties of the rock for design purposes. The rock

is a massive granite-gneiss of the Orofino Series formed by the metamorphism of

the Beltian Series sediments. The rock has been injected with quartz veins and

occasional basaltic dikes.

d. Little Goose Dam

This dam, which consists of both earth fill and concrete sections and

a 700-foot navigation lock, was designed by the Corps of Engineers for naviga-

tion, flood control, and power. The site is located on the Snake River near

Starbuck, Washington. The rock is typical of the Coluibia Plateau basalts, con-

sisting of flow breccias, altered and vesicular basalts, and columnar basalts.

e. Two Forks "nmsite

This proposed dam will be located on a tributary of the South Platte

River near Conifer, Colorado, and is principally designed to avert flood damage

in the Denver area. The Bureau of Reclamation is conducting in-situ rock

mechanics tests in the left abutment to provide the necessary design information

for a modified arch dam. The rock is a strongly foliated migmatic gneiss and

mica-hornblende schist.
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f. Yellowtail Dam

This structure is a 575-foot modified arch dam located on the Bighorn

River near Hardin, Montana. It was designed by the Bureau of Reclamation for

water power, flood control, and recreation. Adits were driven into both abutments

for grouting and inspection purposes and also to provide test sites for in-situ

deformation tests. The rock is the massive Madison Limestone capped with soft

Amsden Shale; the limestone being the foundation-material. Solution activity has

increased the width of some joints, and clay-filled cavities were discovered during

.the exploration program.

g. Tehachapi Pumping Plant and Dischargc-JTunnels

This pumping plant and discharge tunnels are part of a series of engi-

neering projects designed to transport water from northern to southern California.

The function of this project is to lift water about 2,000 ft up the north side of

the Tehachapi Mountains where it "ill then, flow by gravity through tunnels and

siphons towards Los Angeles and San Diego. The tunnel linings must be designed

to withstand pressures up to 1,000 psi and for this reason in-situ jacking tests

were conducted to determine the modulus of deformation of the rock.

The rock consists of both diorite gneiss and sandstone at the pumping

plant excavation; only gneiss is present in the tunnels. The quality of the rock

is extremely variable because of the numerous local shear and fault zones that

are probably associated with the larger Garlock and San Andreas Fault systems.

h. Nevada Test Site

A limited amount of information was available from exploratory borings

in dacite and rhyolite on Pahute Mesa near Mercury, Nevada. The borings were part

of a preliminary testing program to determine the physical properties of both

intact and in-situ rock prior to nuclear experimentation studies.

i. Glen Canyon Dam

This dam was designed by the Bureau of Reclamation as a multipurpose

structure for hydroelectric power, recreation and flood control. It is a 710-foot

high concrete arch dam spanning the Colorado River near Page, Arizona. The rock

is a rather soft, massive, friable sandstone of the Navajo Formation. Deformation

measurements were made beneath the structure and on the abutments to determine

the amount of permanent set of the rock due to annual variations in the loads

transmitted by the arch action of the dam.
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J. Morrow Point Dam

This project is a double-curvature, thin-arch dam located on the

Gunnison -River near Montrose, Colorado. Designed by the Bureau of Reclamation,

this dam is 468 ft high, 52 ft thick at the base, and 12 ft thick at the crest.

Its principal use is for-hydroelectric power. The power house is located in the

left abutment, 400- ft below the surface. The rock types described by the Bureau

consist of mica schist, quartzite, and pegmatite. Extensive rock mechanics

investigations were undertaken to provide information for the design of the

power house.

k. Other Sites

These sites are grouped together because their engineering information

consists only of borings and some seismic surveys. These projects include:

1. a northwestern Illinois nuclear-power plant (Silurian limestone), 2. a

cryogenic gas storage facility in Hackensack, New Jersey (Triassic sandstone and

siltstone), and 3. a federal center at Olney, Maryland (gneiss).
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SECTION 2

CLASSIFICATION SYSTEMS FOR IN-SITU ROCK

1. Introduction

The engineering classification systems proposed for in-situ rock have

been based on several factors. A common method has been to define the rock in

terms of its intact unconfined compressive strength and modulus of elasticity.

The anticipated mode of failure of the rock in underground excavations 1s then

predicted on the basis of both deformational properties and the degree of frac-

turing. Other systems have compared the engineering behavior of the rock con-

sidering support requirements, blasting criteria, permeability, and slope

stability with a qualitative description of jointing or bedding planes. The

recent trend has been to quantitatively define geologic discontinuities either

by core logging techniques, measurement of joint spacing, thickness of bedding

planes, or by seismic or electrical resistivity measurements. These data have

then been correlated with the engineering properties of the rock mass.

2. Classification Systems

Terzaghi (1946) developed a system for classifying rock for the purpose

of predicting tunnel support requirements. He used mining terminology to cate-

gorize the rock and to provide a description of each type (Table 2.1). His

descriptive categories are based on joint spacing and weathering, but are not

defined by measurements. His system is in general use today to evaluate rock

for underground construction projects.

Coates (1964) criticizes this classification because it is dependent

on use. The size of the tunnel with respect to the spacing of the joints will

affect the choice of descriptive category for the rock. Because this classi-

fication does not use quantitative measurements, data are evaluated by individual

interpretation. Terzaghi was undoubtedly well aware of these factors and

probably intended that his system be modified to suit the dimensions of an

underground opening.

A general classification for strength and stability analysis of a

particular rock mass was given by John (1962). This was one of the first systems

describing rock in terms of intact compressive strength, weathering, and the

spacing of joints. On the basis of these properties he classified rock into

9



four groups: 1) sound; 2) moderately sound, somewhat weathered; 3) weak,

decomposed and weathered; and 4) completely decomposed. For the hypothetical

rock mass shown in Figure 2.1 the compressive strength ranges from 3,000 to

7,400 psi with a joint spacing from 3 to 40 incies. The rock mass would be

classified as moderately sound with a blocky appearance which, according to John,

should allow underground excavations of moderate spans without support. An

* engineering analysis for a material of this type should be based on principles

of rock mechanics. For-any material of an equivalent intact strength having a

Joint spacing. less than 0.2 inch, soil mechanics techniques should be used for

predicting material behavior.

TABLE 2.1

TERMS DESCRIBING IN-SITU ROCK CONDITIONS

Category Description

Intact Rock containing no joints

Stratified Rock consisting of individual strata with
little or no resistance against separation
along the planes of contact

Moderately Rock containing joints with blocks interlocked
jointed so that no lateral support is necessary for

vertical walls

Blocky and A jointed rock mass composed of separated
seamy intact rock fragments which would require

support for vertical walls

Crushed Chemically unweathered rock reduced to small
particle size

Squeezing Rock that advances into a tunnel without
perceptible volume increase

Swelling Rock which exhibits a volume increase caused
by minerals having a high swelling capacity

The classification system proposed by John is not in general use in

the United States possibly because one of the variables, compressive strength,

may have little relationship to the engineering performance of most rocks.

A rock described as being "sound" on the basis of its intact strength may have

a range of joint spacing from 20 feet to several inches. The engineering

behavior of this material often depends upon the joint spacing, with the intact

10
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-strength playing only a minor part in the engineering considerations. It would

be misleading to define a rock mass with joints as closely spaced as 1 inch as

a "1sound" rock with close jointing.

Deere (1963) has recommended that the descriptive terminology of

joint spacing and thickness of bedding be based on actual measurements. His

criteria for boundaries are shown in Table 2.2.

TABLE 2.2

DESCRIPTIVE TERMINOLOGY FOR JOINT SPACING
AND THICKNESS OF BEDDING UNITS

Descriptive Term Joint spacing or Descriptive Term
(joints) thickness of beds (bedding)

very close < 2 in very thin

close 2 in - 1 ft thin

moderately close 1 ft - 3 ft medium

wide 3 ft - 10 ft thick

very wide > 10 ft very thick

Deere also suggested that the lengths of individual pieces of rock core

should be measured because they are related to the joint spacing and bedding
thickness in the rock mass. It is generally easy to locate core breakage

influenced by drilling and these surfaces can be discounted. The tightness,

irregularity, and filling material of joint surfaces have engineering impor-

tance and should be included in the core descriptions. He also recommends that
the irregularity of these surfaces be described in terms of planeness (plane,

curved, or irregular), and in degrees of smoothness (slick, smooth, or rough).

This information could be useful in a consideration of slope stability, however,

coefficients of friction should only be applied following field tests.

Coates (1965) proposed a method of classifying in-situ rock based on
strength, deformation characteristics, and degree of continuity of the mass. He

suggested that the first two factors be defined by laboratory tests because of

the difficulty in measuring them in the field. He pointed out that a highly

deformable rock would behave in a similar manner in the field, whereas a strong

rock would be either strong or weak depending upon geologic discontinuities.
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His classification system, shown in Table 2.3, should be supplemented with

additional information such as joint orientation, permeability and porosity,

and the presence of altered zones.

TABLE 2.3

CLASSIFICATION OF IN-SITU ROCK

I. Strength

Description Unconfined strength (psi)

Very strong > 25,000
Strong 10,000 - 25,000
Weak 5,000 - 10,000
Very weak < 5,000

II. Deformation properties

A. Elastic

- no creep or swelling tendencies
- large amount of stored strain energy
- a brittle fracture failure with explosive

energy release

B. Plastic

- more than 25 percent total strain at any stress
level is irrecoverable

- some material will creep or swell on exposure
and some will fail by yielding or rupture

- includes viscous or time dependent strain
materials (at constant stresses)

III. Continuity

Description Joint Spacing

Massive > 6 ft
Blocky 1 ft - 6 ft
Broken 3 in - 1 ft
Very broken < 3 in

The major contribution of Coates' classification is that it defines

the continuity of a rock mass by actual measurement of joint spacing and

therefore results in a quantity that is not dependent upon the size of a rock

cut or underground opening. The strength and deformation parameters are based

on laboratory measurements, which may have limited application to in-situ rock.

Onodera (1963) proposed a method of describing a rock mass by

determining its in-situ dynamic modulus (E seis) by seismic tests and its
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corresponding laboratory value (En). The ratio of these moduli (E /Ed),dyn seas dyn
to was expressed as the soundness of the rock. For an unjointed material, E

seis
should be approximately equal to E~n However, the presence of discontinuities

will reduce the seismic properties by a factor which is dependent upon the

number of joints, the presence of weathering products, water conditions, and

the openness of the features. His system is similar to that of Kudo (1965) who

suggests that the relationship E -ynEseis /Edyn be called the crack coefficient

of aft in-situ rock mass. An evaluation of relative rock quality has been

assigned to each numerical range of values (Table 2.4) and the corresponding

geologic description is given in Table 2.5 (Onodera, 1963).

Onodera thought this technique could be used in the structural evalua-

tion of a dam foundation or to measure the efficiency of consolidation grouting.

He has offered a valid means of classifying in-situ rock by actually measuring a

property of the mass. His geologic descriptions, however, give no indication of

joint spacing.

Classification systems were developed at the Rosieres (Sudan) and

Latiyan (Iran) Dam sites to categorize the complex geology of each region (Knill

and Jones, 1965). The systems based on core logging, seismic surveys, in-situ

deformation tests, permeability measurements, geologic mapping, and general rock

behavior during construction, are presented in Table 2.6. Although there were

several varieties of gneisses identified at this site, the amount of weathering

was considered to be the significant engineering geologic feature. The d& 'crip-

tion of each category was originally based on core examination. Excavations

were made in many areas previously investigated by borings, and it was concluded

that an accurate prediction of rock weathering could be made from cores even

though only partial sample recovery was achieved.

A similar system was developed to describe the sandstone and quartzites

(grades I-V) and shales (grades VI-VII) at the Latiyan Dam site (Table 2.7)

(Knill and Jones, 1965).

Knill and Jones presented a map of the site showing the distribution

of each rock grade. From this information subsurface conditions could be

predicted. The results of in-situ jacking and seismic tests at Latiyan Dam

were correlated with the various grades of rock quality by Lane (196h) (Table

2.8).

The classification of the rock at the Rosieres site is based on a

subjective evaluation of the geologic conditions, and therefore is restricted

14



TABLE 2.4

SOUNDNESS CLASSIFICATION OF ROCKS IN-SITU

Symbol Grade Soundness Crack Coefficient

A Excellent 0.75 - 1.00 < 0.25

B Good 0.50 - 0.75 0.25 - 0.50

C Available 0.35 - 0.50 0.50 - 0.65

D Deficient 0.20 - 0.35 0.65 - 0.80

E Bad < 0.20 0.80 - 1.00

TABLE 2.5

GEOLOGICAL DIAGNOSTICS OF ROCK GRADE

Grade Geologic Description

Excellent Fresh, no alteration, few joints

Good More or less jointed, joints only slightly open,
some weathering along surfaces

Available More or less parted by joints with or without
minor clay filling, rock fresh but joint
surfaces weathered

Deficient Joints rather widely opened containing clay
fill, water in joints, rock more weathered

Bad Advanced weathering, conspicuously jointed,
cracked or crushed
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TABLE 2.6

CLASSIFICATION OF GNEISSIC ROCKS AT ROSIERES DAM

Recovery
Grade Description (Percent) Engineering Behavior

I Fresh > 90 -Less blasting powder (by volume) needed
for excavation than with II or III

II Slightly 70 - 100 Permeability 1 UL*
weathered

III Highly or 15 - 70 Not suitable for concrete dam foundation;
moderately permeability generally 2 UL (but as
weathered high as 5 UL); material requires

blasting; slopes stable up to 10 zt

IV Completely < 15 Very permeable; mechanically excavated;
weathered slopes 'disintegrate in wet conditions

to angles between 250 - 300

* 1 UL = one Lugeon unit: a measurement of the groutability of rock based on

the number of liters of water per minute pumped in
a one meter length of test hole at a pressure of
10 atmospheres (1 UL corresponds approximately to
a permeability of 1 x lo- 5 cm/sec)

TABLE 2.7

CLASSIFICATION OF ROCK AT LATIYAN DAM

Grade Description Engineering Properties

I Sound, massive, widely spaced Required blasting
joints

II Bedded with some shale layers Required blasting; maximum stable
slope - 700 up to 20 m high

III Thinly bedded (5-15 cm) or flaggy Required blasting
rock with some shale layers

IV Blocky, seamy rock, frequent Required blasting; slopes stable

intercalations of shale, some at 45-500 up to 15-20 m

open joints

V Broken, faulted or weathered, Required blasting; slopes of

with some shale, generally 45-500 stable up to 15-20 m

found in a loose condition

VI Thinly bedded Required blasting; slopes fuil at
angles of 400 over 20 m high

VII Friable clayshales Mechanical excavation; slopes
as in Grade VI
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in its application. The method developed at Latiyan Dam combines construction

experience and the results of in-situ rock mechanics tests. If a system of

describing the joint spacing (John, 1962; Deere, 1963) had been combined with the

in-situ measurements and observations, relationships might have been established

for use on other engineering projects.

TABLE 2.8

CORRELATION OF ROCK QUALITY AND THE RESULTS OF
IN-SITU JACKING AND SEISMIC TESTS, LATIYAN DAM

Mean Core
Rock Grade E E V V /V Recoveryd e p (Percent)

Quartzite and I 0.85 2.1 12,-400 0.72 --

Sandstone

Sandstone II 0.64 1.4 11,100 0.69 75

Sandstone IV 0.21 0.58 8,500 0.59 55

Sandstone V 0.26 0.29 6,600 0.50 24

Shale VI 0.11 0.29 8,200 0.74 3,9

where

Ed = in-situ secant modulus of deformation, x 106 psi

E e = in-situmodulus of elasticity (3rd load ng -cycle)
e x 10 psi

V = seismic velocity, ft/secp

VL = saturated laboratory sonic velocity, ft/sec

Vp/VLab = fracture index

A method for quanitatively describing the nature of a rock mass from

core borings was developed by Deere (1964). This system was designed to make

the maximum use of drilling information because borirZs are required for almost

all construction projects. The Rock Quality Designation (RQD) is obtained by

measuring the total length of all u.ieathered pieces of core greater than or

equal to 4 inches and dividing the total by the length of the particular core
run. This quantity is expressed as a percent and is used to classify in-situ

rock (Table 2.9).
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The RQD is a measure of jointing and weathering of a rock mass and

can be correlated with the seismic properties suggested by Onodera (1963). Such

a relationship is shown in Figure 2.2. The velocity ratio has been squared to

make the quantity proportional to a ratio of field and laboratory dynamic moduli
2(l+u) (i-2u)

(Eseis= PV2  (-2)) An RQD was estimated from Onodera's geologic
ses p (1-j)

descriptions.

TABLE 2.9

MODIFIED CORE RECOVERY AS AN INDEX OF ROCK QUALITY

RQD
(Percent) Description of Rock Quality

0 - 25 Very poor

25 - 50 Poor

50 - 75 Fair

75 -90 Good

90 - 100 Excellent

The in-situ deformation properties of rock can be estimated using the

RQD system (Deere, et al., 1957). This relationship is based on the premise

that if the joint spacing is wide enough the deformation modulus of a rock mass

will approach that of a laboratory sample. Therefore, as the RQD approaches

100 percent the modulus ratio approaches 1.0. Deere et al. (1967) have corre-

lated the RQD with the results of in-situ seismic tests and have shown that

either index can be used to determine rock quality. When indices are related

to the results of field jacking tests, the anticipated deformation of a rock

mass can be predicted.

Scott and Carroll (1967) classified the granite and metasedimentary

rocks at the Straight Creek Tunnel site, Colorado, into five categories (Table

2.10). Seismic and electrical resistivity surveys were run in a pilot tunnel

and in boreholes, and the results indicate that both the velocities and

resistivities decrease as the rock becomes more jointed and weathered (Figure

2.3). These data were also compared with engineering properties of the rock

such as support requirements, height of tension arch, stable rock loads, and

rate of tunnel advance. The relationships between rock quality, geophysical

data, and construction experience established in exploratory or preliminary
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-stages of cbnstruction can be used later in the project to predict potentially

hazardous-rock conditions. By using these methods, it is also possible to make

quantitative estimates of rock quality which aid the contractor in his bid

estimates and construction techniques.

Obert and Duvall (1967) proposed a structural classification of rock by

corsidering the combination of geologic and mechanical properties that influence

the design and construction of underground openings. Their classification was

subdivided into competent and incompetent rock as shown in Table 2.11.

TABLE 2.11

STRUCTURAL CLASSIFICATION OF ROCK

I. Competent Rock capable of maintaining underground

openings without structural support

A. Massive

1. Elastic - joint spacing greater than the

critical dimensions of the opening

2. Inelastic - tendency of the rock to creep or
flow (halite, potash, trona)

B. Laminated

1. Elastic thinly laminated but relatively
elastic sedimentary and metamorphic
rocks

2. Inelastic openings subject to heave or-sag
(oil shales, laminated evaporite
deposits)

C. Jointed rock containing one or more sets of
parallel joints

II. Incompetent Rock incapable of sustaining unsupported
underground openings; degree of
severity increases as the joints
become more closely spaced and their
surfaces become more altered or
weathered

The authors state that the classification should be used with judgment

because the size and depth of the structure influences the behavior of a rock

mass. For example, a low-strength rock such as chalk would be classified as

competent at depths of 100 feet (for a 30-foot diameter opening) but would be

incompetent at a depth of 1,000 feet. Salt is relatively elastic at depths of
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several hundred feet but is inelastic at a depth of several thousand feet- The

boundary between competent and incompetent rock is based on joint frequency and

weathering. The authors provide no quantitative descriptions of these parameters,

and therefore, the system is limited to use by experienced field engineers.

Ege (1967) developed a core indexing system to: relate boring data, the

results of geophysical tests, and the engineering behavior of rock. Although no

definite classification has yet been proposed, this method is now being used as

a means of predicting tunneling conditions at the Nevada Test Site. The core

index number is based on 10-foot coring intervals, and is calculated by adding

the joint frequency and 0.1 of the percent values for core loss and broken core

(pieces less than 3 inches). The purpose of using the multiplication factor of

0.1 is to keep the index number between 1 and 10. Joint frequencies seldom

exceed 10 joints per foot.

Ege also calculated RQD values for his data. The relationship between

RQD and the core index number is shown in Figure 2.4. The good correlation was

not unexpected because each system measures essentially the same properties of

the rock core. The calculations of the RQD are simpler and for this reason would

be preferred for use in the field.

3. Conclusion

The classification systems for in-situ rock which have been proposed

are based on either laboratory values of strength and deformation, or on some

description of the jointing and weathering of the rock mass. These descriptions

are either qualitative in terms of general geologic conditions or are quantita-

tive measurements of discontinuities obtained by core logging or geophysical

methods.

Laboratory properties are limiting values which are seldom attained in

the rock mass. Classification systems based on laboratory properties have,

therefore, limited field engineering value. It has been shown that jointing

and weathering do influence engineering properties of in-situ rock and so the

quantitative measure of these features is the most promising approach for future

classification methods.

The next step in the development of an in-situ classification system

is to determine which methods of measuring rock quality are the most sensitive

to geologic discontinuities and can therefore be related to the engineering

behavior of the rock mass.
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SECTION 3

FIELD INVESTIGATION METHODS

1., Introduction

An accurate prediction of the engineering properties of a rock mass

depends upon the use of a wide variety of exploration techniques. The information

provided by cooperating agencies included boring logs, permeability measurements,

and in some cases, bore hole photography and geophysical surveys. These data were

supplemented with detailed core logging, geologic field mapping, and geophysical

surveys where necessary. A description of the core logging procedure and field

exploration techniques is presented in this section.

2. Core Logging

Because core borings are the most common exploration method, a system

should be developed to obtain from these borings the maximum available informa-

tion about the rock. Boring logs usually provide a brief lithologic description,

a qualitative description of joints and faults, and the percentage of core

recovered during a particular core boring interval. Additional information often

includes the type of drilling apparatus used: single-tuber, double-tube, or wire-

line core barrels; face or side discharge bits; and the size of stones in the

diamond bit. These aspects of the drilling equipment may be important when the

boring logs are used to determine in-situ rock conditions. In addition, the rate

of drill advance can often indicate the abrasiveness or hardness of the rock.

a. Core recovery

Core recovery is the most commonly used method of expressing in-situ

rock quality. The core recovery is the percentage of a cored interval which is

represented in the core box by cylinders to gravel size pieces of rock. Because

both sound and weak rock are included in core recovery, it is not a good method

of evaluating in-situ rock quality. The driller, who often measures and is

judged by core recovery, is encouraged to obtain higher recoveries by spreading

out the zones of broken rock in the core box. In basalt, for example, it is

common to find brecciated zones between massive layers. Core recoveries of

nearly 100 percent have been reported from these zones as well as from the

massive rock above and below. In zones of heavily jointed rock the core recovery

may be high whereas the core itself is broken into many pieces less than one foot
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in length. Low values of recovery are indicative of poor kuality rock such as

fault zones or weathering. However, if the recoveries are, high (80-90 percent)

it does not necessarily mean that the rock can be considered to be massive with

uniform properties.

b. Modified core recovery

The method of core logging developed by Deere (1964) has an advantage

over core recovery because his technique considers core loss and broken core as

well as the degree of jointing and weathering of the recovered portion. His

system, the Rock Quality Designation (RQD), counts only those pieces of unweathered

rock greater than or equal to 4 inches, and divides their combined length by the

length of the coring interval. The RQD system was used for describing, the core

borings in all sites investigated for this investigation.

The RQD'is a function of the length of individual pieces of core there-

fore some discretion is necessary in determining whether the broken surfaces are

the result of drilling procedure, improper -handling, or actually represent Joint

planes. The broken surfaces of the core can generally be described as:

1. Clean regular surfaces which can be rejoined with only a

hair-line separation

2. Irregular and rounded surfaces that reflect considerable

grinding in the core barrel

3. Rather smooth surfaces that cannot be rejoined but, which

show no signs of weathering (foliation planes)

4. Surfaces showing weathering, hydrothermal alteration, or

slickensides

The clean regular surfaces which could be rejoined (category 1) were

considered to have been caused by the drilling procedure and were not counted

as joints. It can not be determined whether all the core breaks described in

categories 2 and 3 reflect significant discontinuities in the rock mass. Any

weathering products that might have been present in category 2 would have been

completely removed by the grinding action. These core breaks are not common and

were considered to be joint surfaces because there was no way of knowing whether

they represented an in-situ feature.

Core breakage along the thick bands of mica in foliated rocks, cate-

gory 3, is considered to be a significant in-situ discontinuity. Even though

these features are probably not open joints in the field, they may have a strong

influence on tunneling conditions when they are parallel or sub-parallel to the
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tunnel axis. Any weathered or slickensided pieces of core, category 4, are

considered as major in-situ discontinuities.

All pieces of core bounded by surfaces described in categories 2, 3,

and 4 were measured and recorded as part of the standard logging procedure

adopted for this project. Intervals containing pieces less than 0.1 ft long

were defined as broken zones and each surface was examined for evidence of

weathering. Because joints and fractures- have more engineering significance than

do minor lithologic variations, greater care was taken in examining each feature

and measuring its inclination than in recording subtle mineralogical changes.

Rather than using only a core base length of 0.35 ft (4 inches) as

defined by Deere (1964) for his RQD (Figure 3.1A), base lengths of 0.1 ft, 0.2 ft,

0.5 ft, and 1.0 ft were used in this study to determine which joint spacing had

the best correlation with the results of other types of borehole tests. In

addition, five more rock quality values were calculated considering only the

weathered surface of core (category 4) as representing in-situ joints (Figure

3.1B). The same five base lengths were used in these tests.

The situation could arise using the 0.35 ft base where the in-situ

joints have a uniform spacing of 0.5 ft. In this case the rock quality would be

100 percent (assuming that the rock was unweathered and that there was no core

loss in the run), but this close joint spacing might cause construction diffi-

culties in underground excavations. To overcome this limitation of the other

rock quality values, another value was calculated where the lengths of all core

pieces 0.1 to 1.0 ft were squared to obtain a weighted core length. The new

rock quality value was calculated by adding the weighted core length and dividing

by the length of the core run (Figure 3.1C). This system can also be used when

only weathered surfaces are considered as actual in-situ discontinuities (Figure

3.1D). The advantage of this system is that it is not necessary to select an

arbitrary boundary below which all pieces are disregarded. The length of each

piece is considered in the calculation of rock quality, but the longer pieces

are given greater weight by the squaring process.

The core logging method proposed by Ege (1967) was also used, and the

a results from each of the sites studied were compared with the RQD. Figures 3.2

and 3.3 indicate a nearly perfect correlation between these two indices. Each

system therefore measures essentially the same properties of the rock core.

The'e are many possibilities for statistical analyses of rock core. As

the technique becomes more refined, however, the system becomes too complicated
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for efficient use in the field. The methods used in this project were chosen

because of their simplicity both in the logging procedure and calculations.

3. Geologic Mapping

a. Introduction

The geologic mapping procedures used for this project were limited to

the determination of fracture spac4.ng, weathering, and the location of fault zones

in underground excavations. Measurements were made only in areas where the

results could be correlated with in-situ deformation data, seismic refraction

surveys, or variations in tunnel support requirements.

b. Mapping procedure

The mapping procedure consisted of laying out a 100-foot cloth tape

(graduated in 1/100 foot) along each wall of a tunnel to measure the fracture

spacing. Orientation and inclination of the fractures were recorded as were

details concerning their tightness and the presence of alteration products.

A mappable fracture was considered to be one that appeared as a continuous

planar surface for at least 3 feet. This length was selected in an attempt to

avoid any smaller fractures that could have been caused by blasting.

Fracture spacing was measured along each wall and, in small diameter

tunnels, along the crown. Where the joints strike nearly parallel to the tunnel

axis it is difficult to measure their spacing in the walls and it becomes neces-

sary to take the measurements in the crown or face. Joint spacing can be illus-

trated by plotting the data as a bar graph of either RQD or fracture frequency.

Developed geologic sections can also be used to show the relationship between

the different joint sets.

The lithology of the sites discussed in this report was uniform enough

that minor variations in mineralogy along a test section were considered to be

insignificant. The degree of jointing and weathering are the factors that

influence the results of geophysical tests, in-situ deformation tests, and tunnel

support requirements.

4. Borehole Photography

The borehole photography data mentioned below was supplied by the U.S.

Army Corps of Engineers and the U.S. Bureau of Reclamation from exploratory work

done at the Dworshak and Two Forks Damsites. The information was compared with

the rock quality determined by logging the core from the same boreholes.
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The development of borehole photography and television have provided

important tools for examining the in-situ conditions of a rock mass. They are

used to determine the strike and dip of joints as well as to locate weathered

and faulted zones that are often not indicated in core logs because of poor

recovery. Each system has its advantages, and both are currently being used in

the United States by the Bureau of Reclamation, the Army Corps of Engineers, and

numerous private consulting firms.

a. Borehole camera

The camera, developed by the Corps of Engineers, is designed to pro-

vide a 360-degree photograph of an NX (3-inch diameter) borehole using either

color or black and white film. The following description of the borehole camera

is condensed from Burwell and Nesbitt (1954). The instrument consists of a con-

ventional 16 mm motion picture camera with a 15 mm lens, a high voltage circular

flash tube, a hollow truncated conical mirror, and an oil damped compass. The

camera unit is mounted in a stainless steel tube (31-1/2 in. long and 2-3/4 in.

in diameter) with a circular quartz window which is opposite the conical mirror

when the camera unit is in the tube.

The flash tube is actuated by a synchronizing pulse from the camera

lowering apparatus, illuminating the boring and simultaneously exposing the film.

The depth counter and pulse synchronizing wheel are mounted on the camera cable-

wheel. The camera drive is synchronized by the same pulsing circuit. The image

of the borehole is projected to the camera lens by the hollow conical mirror which

also makes the compass, located below the mirror, visible to the camera lens.

The camera takes 16 pictures per foot of boring. Each picture covers a 1 inch

section of the boring, creating a 33 percent overlap. The 16 mm film spools

have a capacity of 25 feet so that 75 feet of boring can be filmed without

reloading. The photographs may be shown on a regular screen or projected onto

a cylindrical frosted glass screen by means of a conical prism, thereby simulating

the borehole. Strike and dip of joints can be determined by orienting them with

respect to the north arrow and the thickness of the feature can be measured to

within 0.0001. ft.

The system has many advantages over other exploration techniques, and

there are also disadvantages. In zones of crushed or soft rock the hole may

not remain open long enough to permit photography, and the record of these

important portions of the boring is not obtained. Because the camera is focused

for a known distance to the borehole wall, any hole enlargement caused by poor
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rock will result in photographs that are out of focus. The water in the boring

must be relatively clear to obtain useful pictures. This means that photography

must be delayed until soil particles settle or the hole must be flushed with

clean water. Camera photography has not been~successful in holes inclined at an

angle less than 500 to the horizontal because of the difficulty in sliding the

instruments in the hole, the susceptibility of the quartz window to damage, and

the severe tilting of the compass. The latter condition is important only for

determining the attitude of joints and would not be critical if a quick inspection

of the hole was sufficient.

b. Television camera

The Bureau of Reclamation initiated the use of the side-viewing tele-

vision camera in the United States at the Morrow Point Dam site in Colorado.

In addition to locating rock fractures, the camera was used to determine the

effect of stress relief and blast damage in the rock around the perimeter of

excavations (Dodd, 1967).

Pictures of the borehole wall are transmitted to the surface by

closed-circuit television for instant viewing. The location, orientation, and

inclination of fractures can be mapped during the test and a video tape provides

a permanent record. Widths of features less than 0.003 ft can be measured. The

field of view of the television camera is limited to approximately 520 in contrast

to the 3600 field of the borehole camera. The camera, however, can be rotated

through 360° to observe all sides of the boring. The television camera has been

used successfully in overhead borings as well as those inclined at 100 to the

horizontal.

c. Evaluation of borehole photography

There are several advantages of the television camera over borehole

photography. Fractures in the rock can be viewed while at the site, it can

quickly be determined whether a useable record has been obtained, and the entire

hole can be surveyed quickly and a detailed record taken of those portions

deserving careful study. Hole enlargements can be kept in focus because the

lens can be adjusted by surface controls. However, the borehole camera gives a

3600 view of the hole without rotating the sonde and can use color film. The

advantage of color film is that it shows lithologic changes and weathering along

joints more clearly than black and white film. Both instruments are apparently

portable enough for use in underground excavations.
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An important value of either method is that a complete geologic

description of the rock is obtained without the interpretive analysis often

required by seismic surveys and core borings. The prominent geologic features

are clearly presented and can be accurately described.

5. Permeability Measurements

a. Introduction

Permeability tests were not conducted in this investigation, however,

a large amount of water pressure test data was provided by the cooperating

agencies. The core from each boring tested was logged and a value of rock quality

was calculated for each test interval. A discussion of the equipment as well as

testing procedures and data analysis is presented below.

b. Open end tests

A known amount of water is added to the open end of a pipe whose base

is set at the desired position for the test. Sufficient water is added to main-

ta! 3 constant level under gravity flow conditions. A constant level is seldom

maintained when testing above the water table, but a. fluctuation of within a few

tenths of a foot over a 5-minute testing interval is considered satisfactory

(Zangar, 1953). The permeability can be calculated by:

k Q k = permeability, ft/min (31)
5.5rH Q = constant rate of flow, cu ft/mm

r = internal radius of casing, ft
H = differential head cf water, ft

The value of H for tests made below the water table is the difference in feet

between the water table and the level of water in the casing. For tests above

the water table H is the length of the column of water in the hole.

c. Pressure Tests

The tests involve the pumping of water into a borehole with measurements

being taken at quantity of flow for given pressure increments. A single packer

test (Figure 3.4) may be used to determine the average permeability over the

entire length of a boring or may be restricted to certain intervals. If the

hole is to be tested at 10-foot intervals, the drill steel is removed after a

10-foot drilling run and the testing equipment inserted into the hole. The

packer, mounted near the lower end of the water pipe, is placed 10 feet from the

bottom of the hole and expanded against the wall by mechanical or pneumatic

means.
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A double packer test is run after the hole has been drilled and is

used in-certain zones of suspected high permeabilities (Figure 3.4). These zones

may be noted on the driller's logs as being locations of high drilling-water

losses. For this test, two packers are spaced 5 feet to 10 feet apart at the

lower end of the water pipe and are expanded against the borehole wall. Water

is 'forced into the hole through ports located between the packers.

(1) Procedure for pressure testing

The joint surfaces must be free of any rock fragments or mud that were

caused by drilling. The hole should be surged with clean water until the over-

flow is clear of suspended sediment. If possible the wash water should be at a

higher temperature than the ground water to prevent air bubbles from forming in

the, rock voids, thereby, reducing the permeability.

It is common practice to run the test using different pressure incre-

ments. The pressure is allowed to build up to 50 to 60 percent of the desired

level and held as constant as possible. Once the quantity of inflow has stabil-

ized the initial readings of pressure, amount of water, and time are taken. After

a 5-minute interval another set of readings is taken and the rate of inflow is

computed. The pressure is then increased to the maximum value and a similar set

of readings taken. The low pressure stage can be repeated to check earlier

readings and to see if any damage has been done to the rock by the high pressures.

The maximum pressure recommended is governed by the amount of over-

burden above the test section and is generally set at 1 psi per foot of depth.

If excessive pressures are used, the joints may be forced open and the rock sur-

face may heave. Data from grouting tests showing the pressure required for rock

fracturing versus the overburden pressure are given in Figure 3.5. These data

indicate that the 1 psi per foot of overburden appears to be a safe pressure

criterion.

If testing pressures are required above those of the overburden pressure,

or if a check is desired to ba sure that pressures are not excessive, in-situ

tests can be made to determine the response of the rock to in-reasing pressure

values. The amount of water loss is recorded in test holes for each increment of

increasing pressure until failure of the rock occurs. The relationship should

be linear (Figure 3.6a) prior to failure. When the pressure exceeds the shear

strength of the rock mass the joints open and leakage suddenly increases (Figure

3.6b). The results of these tests can then be used as a guide for pressure

requirements in other boreholes.
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Friction head losses may amount to a significant portion of the

initial pressure depending upon the internal diameter, roughness, and length

of the water pipe, and the amount of flow. For this reason it is recommended

that the water pipes be laid out on the ground, and a relationship be deter-

mined between water flow, length of pipe, and the difference in pressure between

the ends of the system.

There are no standard specifications concerning the capacity of water

pumps for these tests because of the variations in permeability that may exist

in rock. As a general rule the capacity should be at least 50 gpm to cover a

wide variety of conditions.

(2) Calculations of permeability

The formulas for calculating permeability are most valid when the

thickness of the stratum tested is at least five times the length of the test

interval and when the test is run below the water table (U.S. Bureau of

Reclamation, 1963). The following- formulas used to compute permeability are

based on the assumption that the flow is radially outward into the rock under

steady state conditions.

kL>lr (3.2)
21 LH r

k = ---- sin h- I  L r>L>r(3)k 2v LsH -; lOr >L >r (3.3)
2Tr LH r

where: k = permeability, ft/min
Q = constant rate of flow into the hole, cu ft/min
L = length of test section, ft
H = differential head of water, ft
r = radius of hole, ft
loge = natural logarithm
sin h-1 = arc hyperbolic sine

When the test length is below the water table, H is the distance in feet from

the water table to the swivel plus the gage pressure in units of feet of water.

When the test length is above the water table, H is the distance in feet from

the center of the length tested to the swivel plus the applied pressure in units

of feet of water.

Simplified versions of the above formulas are given by the U.S. Bureau

of Reclamation (1963) where the relationships of hole diameter and length of

test interval have been calculated and expressed in tables. The formulas are

reduced to the form:
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k = (3.4)

where C = 4900for an NX hole tested at 10-foot intervals.
p

Monahan and Sibley (1965) further simplified the calculations by pre-

senting a nomograph for pressure test computations.

(3) Evaluation of pressure tests

The construction of water pressure testing apparatus is generally left

to the ingenuity of the driller. There are seldom any standards set for equip-

ment and testing procedures and the quality of the test data is variable.

The failure of maintaining a tight sdal between the packers and the

rock is the principal reason for testing difficulties. The packers are made

from felt or rubber and vary in length from 2 inches to 4 feet. Although many

variations of packers have been used in successful tests, it is recommended that

they be at least 18 to 24 inches long and preferably expanded against the wall by

pneumatic means. Pressures to 125 psi have been used to insure a tight seal.

In addition to leakage between the packer and the rock, water may by-

pass the packer through open joints that form a connection between the test

interval and the, rest of the boring.

The best results can be obtained by using the single packer technique

and pumping water into a small test section (5 to 10 ft.) between the packer and

the bottom of the hole. The drilling operati!n, however, must stop each time the

required depth is reached, and the drill-steel removed. Single packer tests can

also be made after the hole has been drilled by placing the packer at successively

higher 10-ft intervals until the entire length of the boring has been tested.

Where zones of high water takes are encountered a double packer system can be used

for the permeability tests.

It has been noted (Bussey, 1963) that grout takes were less in holes

drilled with percussion tools than in those drilled with rotary rigs. Comparative

tests made in a massive diorite at the Karadj Dam indicate that percussion

drilling fills the joints with rock fragments which cannot be removed by a

thorough flushing of air and water. This factor should be recognized if per-

cussion drilled holes are considered for permeability tests. Rocks with

moderate to low permeabilities are especially affected by the small rock chips

produced by percussion drilling.
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6. Geophysical Testing

a. Introduction

Geophysical surveys are commonly used in civil engineering practice as

a means of determining the depth of overburden or surface weathering for founda-

tion studies. The seismic velocities can also be used to caIculate in-situ

dynamic moduli of the rock for the design of dam foundations, underground instal-

lations, or high pressure water tunnels. Seismic velocities and electrical

resistivity values, because they are influenced by discontinuities -and weathering,

can indicate variations in rock quality in boreholes.

The geophysical measurements conducted in-this investigation included

continuous velocity logging in boreholes, up-hole and cross-hole seismic surveys,

and seismic refraction tests on the ground surface and in tunnels. Data on

dynamic moduli were also obtained from locations of in-situ deformation tests for

purposes of relating the static and dynamic properties of the rock mass.

The continu6us sonic velocity measurements at the Dworshak, Two Forks,

and Yellowtail Damsites were made by a 3-D sonic logger owned by the Birdwell

Company of Tulsa, Oklahoma. Their 3-D sonic velocity logger was chosen for these

measurements because it provides a continuous record of both compressional and

shear waves. Birdwell also performed up-hole, cross-hole and refraction

surveys using conventional seismic equipment. An Air Force Weapons Laboratory

geophysical team, under the direction of Richard Zbur, provided additional

seismic information at the Two Forks and Tehachapi sites. The remainder of the

seismic data was obtained from the records of the Bureau of Reclamation, the

Corps of Engineers, and the California Department of Water Resources.

b. The 3-D sonic logger

The 3-D sonic logger is so named because the logs show the amplitude

and time of arrival of the sonic energy for a given distance of travel. The 3-D

sonde used in NX boreholes is 2-1/4 inches in diameter, 12 feet long, and weighs

150 pounds. Borings can be logged at a rate of from 30 to 100 feet per minute.

The tool can withstand pressures of 7,500 psi and temperatures of 250'F.

A sonic pulse is generated by a cylindrical magnetostrictive type

transducer, which is a coil wralped around a rod with magnetostrictive proper-

ties. A magnetic field caused by AC current in the coil deforms the rod

producing a sonic pulse which travels into the rock. The pulse rate is approxi-

mately 20 repetitions per second and the resonance frequency of the transducer

is 22 kc/sec. Cylindrical piezoelectric crystals are used as receivers. They
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are located within the tool at a distance of 3 and 6 feet from the trans-

mitter. Acoustic isolators between the transmitter and receivers prevent the

sonic energy from traveling down the body of the tool. The arriving pulse

deforms the crystals and produces the electricity necessary to record the

energy arrival.

The generated pulse travels through the fluid in the borehole as a

compression wave-and strikes the rock face. According to Christensen (1964), a

portion of the energy of the waves incident normal to the borehole travel along

the formation-fluid interface as boundary waves, whereas the remaining part is

carried directly int6 the rock and is attenuated. Those incident at the critical

angle as defined by Shell's Law travel up and down the borehole as compressional

waves, whereas those striking at a greater incident angle undergo mode conver-

sion and are propagated as shear waves (Figure 3.7). Regardless of the mode in

which these three waves travel through the rock, they are refracted out of the

rock and recorded as compressional waves. The twice refracted compressional wave,

the twice mode-converted shear wave, and the twice mode-converted boundary wave

are distinguished by their respective travel times. The compressional wave has

the shortest travel time, the shear wave travel time is intermediate, and the

boundary wave has the longest travel time.

The arrival times are transmitted to the surface, amplified and shown

on an oscilloscope as an amplitude modulated display (Figure 3.8A). For con-

tinuous recording of travel times that are more easily interpreted, the ampli-

tude modulated display is converted to an intensity or variable density display

and presented as a series of dots and dashes (Figure 3.8B). Positive deflections

appear as light zones and the negative deflections as the dark zones. The

intensity of lightness or darkness indicates the relative amplitude whereas,

the distance between similar portions of light or dark zones indicates the

frequency of the wave. The delay characteristics of the system have been

internally compensated and the time displayed on the oscilloscope represents

fluid and formation travel time.

The intensity modulated data are projected onto 220 mm film whose

movement is synchronized with the speed of the sonde in the hole. The 220 mm

film permits a greater resolution of the data than 35 mm or 70 mm films because

an equivalent display is spread out over a greater distance. A fiber optics

system is used to project the variable density displays onto the film. The

high image resolution of this instrument reduces the distortion that accompanies

normal projection methods.
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B, P, S = Boundary, Compressional,
and Shear Wave Group

8 p, 8s = Angle of Incidence
Nl v8, v, Vs = Velocity of, Each

Wove Group

/ T Transmitter
R = Receiver

R I

FIG. 3.7 TWO-DIMENSIONAL CONFIGURATION
OF 3-D SONDE-BOREHOLE GEOMETRY
(After Christensen, 1964) Reproduced
with the permission of the Society of
Professional Well Log Analysts
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A. Amplitude Modulated Display

B. Variable Density Display 30Vlct

FIG. 3.8 VARIABLE DENSITY LOGGING SYSTEM (Lawrence, 1964)
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(1) Analysis of the data

The density of the rock and variations in the hole diameter must be,

determined before the velocities or elastic constants can be calculated. For this

reason caliper and gamma-gamma density logs are run in conjunction with the 3-D

sonic logging.

The caliper logger is approximately 4 feet long and 1-5/8 inches in

diameter., Three independently operating spring-loaded arms are mounted around

the tool at 1200 intervals, and extend outward in contact with the borehole wall.

The arms are pointed down so they will not catch on irregularities in the rock as

the tool is drawn up the -hole. The diameter logged is twice the average radius

measured by the three arms. The arms are 4 inches long and have a maximum exten-

sion angle of 450 . The largest change in diameter thaiu -caibe measured is 7.2

inches, which is possible only where the open zone is at least 2.6 inches high

(Figure 3.9). The tool is calibrated on the surface using steel cylinders of

known diameter and lowered to the bottom of the hole. As the tool is raised a

continuous graph of hole diameter is made which is probably accurate to within

1/8 inch. The logging speed of this instrument is about 20 ft/min.

The in-situ density is determined by measuring the amount of back-

scattering that occurs when gamma rays strike the rock. The sonde used in this

study is approximately 5 feet long and 1-5/8 inches in diameter. A cesium 137

source is placed in the bottom of the tool 22 inches below a scintillation

counter. Gamma rays collide with the atoms of the rock and are either absorbed,

randomly scattered, or backscattered at the angle of incidence. The frequency

with which this scattering occurs is proportional to the density of the material.

The greater the degree of random scattering and absorption the higher the

density of the rock and the lower is the response at the detector (Pickell and

Heacock, 1960).

The sonde is calibrated in the laboratory with a number of different

density materials. It is calibrated again in a block of plaster before and after

each run in the field. Thus, a standard is established and minor variations in

the performance of the tool can be accounted for in the final calculations. The

performance of the system is dependable only where the borehole remains in gage,

and therefore, readings from zones of caved hole cannot be considered accurate.

For this reason a caliper log is recommended to aid in the interpretation of

the density log. The accuracy of this system was checked by determining the
laboratory density of samples taken from the same position in borings logged by
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the density tool (Figure, 3.10). In the majority of cases the laboratory values

are 5 to 10 percent higher than the field values.

(2) Computation of velocities and dynamic elastic constants-

The compressional and shear wave velocities cannot be calculated

directly from the field logs. Borehole diameter, rock density, and the theoret-

ical depth of energy penetration into the rock must be considered in addition to

the original travel time. Once the velocities have been determined the dynamic

elastic constants can be calculated by the following relationships:

V2 2V = Poisson's ratio

2(V2_ 2 V p= compressional wa4-
2( - V velocity

V = shear wave velocitys

E = pV 2  E = shear modulus (3.6)s s s

E = 2 E p(+1) p r specific gravity (3.7)y s

S= pV (l-) E = Young's modulus (3.8)
y p (-)y

PV 2 4/3E EB = Bulk modulus (3.9)

If a gamnna-gamma log has not been run, the density can be approxi-

mated by the following (Lawrence, 1964):

p' formation density.

1 Pf Vf 2 VT pf = fluid density

V (V2  ) Vf V fluid(3.10)
F VT = V tube wave

V = V shear wave

Porosity can be calculated when the bik density of the rock is known

(Alger et al., 1963):

= porosity

= Pg - ¢b pg = grain density of the (3.11)

Pg -Pf rock matrix

¢b = bulk density of the
rock from the log

Pf = density of the fluid in
the pores
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(3) -Evaluation of the 3-D sonic velocity logger

The major advantage of the 3-D system is that it provides a very

detailed record of the entire wave train produced by the pulsing device. The

arrival times of the compressional and shear waves are more easily determined

than in other sonic logging devices currently being used. The dynamic elastic

constants can be calculated if the density of the rock mass is known. The

density can be determined either by using a gamma-gamma density log or-by using

a laboratory density of representative core samples.

The 377D method measures the dynamic properties of the rock close to the

walls of the borehole. The depth of penetration of the energy between transmitter

and receiver is on the order of 1- to 1-1/2 ft for the 3 ft spacing and 2 to 2-1/2

ft for the 6 ft spacing. Because the 3-D sonic survey tests only a very small

percentage of the total rock mass the velocities are generally higher than those

obtained from either up-hole or cross-hole seismic surveys.

The apparatus is not presently suited for efficient use in- rough

terrain. The system is run from a 12-ton truck which contains all the eiec-

tronic equipment normally used by Birdwell for oil well logging. The truck has

a 4-wheel drive and a power winch which allows its use on unimproved roads, but

its size and weight limit its mobility.

Normally the tool is connected directly, to the van by means of aheavy

7-conductor cable that provides power for the transmitter, has a channel for the

returning signal, and controls the movement of the sonde in the hole. A selsyn

wheel mounted directly over the hole on an A-frame and connected to the van by a

second cable synchronizes the tool movement with the camera drive. The logging

depth must be measured in this way because of tension variations in the conductor

cable between the van and the boring. The operator controls the sonde movement

with a power winch. The logging procedure is simple when the van can be parked

beside the hole. However, at the Dworshak, Two Forks, and Yellowtail projects,

borings on the abutments and in test adits were up to one-half mile from the

van. The selsyn cable, which is only used as an electrical conductor, was

quickly laid along the ground between the operating van and the selsyn wheel.

The signal cable, which is both a conductor and the means of moving the 3-D

sonde, was routed between the van and the boring through sheaves at each abrupt

change in slope or bend in the tunnel. In addition to the time required to set

up the test, the logging time was also increased. Although the power winch was

able to lift the sonde in a boring one-half mile away the sonde was lowered for
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additional logging runs by pulling additional cable from the truck. This proved

to be an exhausting and time-consuming job. Because the logging charges for

this type of work were based on a daily rate rather than on the total footage,

this sonic testing was very expensive.,

A significant improvement in the logging procedure was made at the Two

Forks site with the use of a portable hand-operated winch. The rate of logging

was controlled by the hand winch and the depths were recorded by means of the

selsyn cable and measuring sheave as before. The power cable was routed to the

winch on the van in a slack condition, eliminating the need for sheaves at each

bend or change in slope of the tunnel and the necessity of pulling additional

cable from the truck for each run. The hand-operated winch, which has 300 ft of

cable, was used to log borings drilled from test adits and surface borings which

could not be reached by the van. The portable winch reduced the time on site by

approximately 50 percent.

The 3-D system has the disadvantage that it can only be used in the

fluid-filled portion of a hole. If the water table is low in the area, the

upper portion of the hole cannot be logged and this section is often the most

important for foundation investigations. Another disadvantage is that material

such as grout or cellophane-stringers used to reduce the permeability of the

rock during drilling, will affect inhole velocity measurements. The cellophane

material traps air in the rock and causes severe attenuation of the transmitted

energy (Nugent and Banks, 1965). Grout superficially fills rock defects which

masks the influence of these defects on the velocity log.

The 3-D system has a filtering device w1ich can eliminate low-level

background noises. For this reason, vehicular traffic will not affect the log.

However, drilling and blasting in the immediate vicinity must be stopped while

logging.

The operating cost to bring the Birdwell Company into the field is as

follows: travel time and site operabion for 3-D, sonic, caliper, and density

logs, $700/day; data reduction, $100/boring; computer time, $40/hour; super-

vising engineer, $125/day plus travel expenses. Birdwell generally charges by

the boring (unit cost) when logging deep holes in oil fields or other readily

accessible areas. This cost method is not practical for most engineering

projects because of the roughness of the terrain and the long set-up times

required for numerous shallow borings.
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c. Seismic surveys

(1) Refraction surveys

Seismic refraction surveys are used to determine the extent of surface

weathering, the depth to a more dense geologic stratum, or the thickness of the

zone of loosened rock (destressed zone) around an underground opening. Refrac-

tion surveys were used for this investigation to measure seismic velocities of

the gneisses and schists in a tunnel at the Two Forks Damsite and to determine

the depth of surficial weathering away from the tunnel portal. It was also used

to obtain velocities of the sandstone and gneiss at the Tehachapi Pumping Plant

site for correlation with the 3-D values.

The refraction survey measures the arrival time of seismic energy at a

number of geophones placed at known- distances from the shot point. A' set-up for

a typical refraction survey is shown in Figure 3.11. The input energy depends

upon the seismic velocity of the rock and the depth of penetration desired. For

detailed work in a small area, an 8-pound sledge-hammer striking a steel or

aluminum plate is sufficient, whereas a blasting cap or dynamite is usually

necessary for testing intervals of 100 ft or more.

The hammer-type seismographs used by the Bureau of Reclamation at the

Glen Canyon, Morrow Point, and Two Fo'ks dam sites have only one recording

channel and the distance between the shot point and the geophone must be

increased with each shot to get a complete record. A trip-switch on the hammer

initiates the timing mechanisms and the first energy arrival at the geophone

stops the counter. Most seismographs have a number of channels with one geo-

phofie for each channel which enables the entire survey to be run with one shot.

The time of blasting must be synchronized with each of the recording channels

so that the arrival times at the geophones can be measured. A blasting console

is wired into the recording instrument, and the final record has the instant of

the shot marked on the trace of each channel. As the energy arrives at each of

the successive gc ophones, the trace shows a sudden increase in amplitude. A

plot of the time versus distance (Figure 3.11) can be used to calculate seismic

velocities and the depths to strata of greater density.

(2) Up-hole seismic surveys

In an up-hole seismic survey a light charge (Water Works booster,

blasting cap, or nitromon primer) is ignited at a given depth in a borehole.

The first energy arrivals are measured at a number of geophones whether in the

same hole or on the surface. The charges can be located at various depths but
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the initial shot is usually placed at the bottom with successive ones at

higher levels. If the geophones are at the surface it is recommended that they

be in direct contact with the rock and be placed at least 5 feet from the collar

of the-hole. Successive shots should not be made from the same position in the

hole because blast-indu~ed damage of the rock may result in anomalously low

velocities,. An array of the surface geophones can be used to obtain additional

information from the test. Two or three geophones spaced equidistant from the

collar measure the velocity along the borehole. Other geophones located along,

lines which radiate outward from the boring measure the velocity of the rock

behind the walls of the boring.

The method can be modified by placing several geophones in the hole and

shooting from the bottom (Figure 3.12). In this case, the strength of the charge

should be kept low to prevent damage to the geophones. The dynamite can also be

placed on the surface, away from the collar of the hole, and the same geophones

used.
(u) Cross-hole seismic surveys

Information on rock quality between adjacent borings can be obtained

by measuring the seismic velocity of the rock between holes. Various shot and

geophone spacings can be used. For parallel shooting, the depth of the dynamite

and the geophone (in adjacent holes) are the same. Fan shooting measures the

arrival time from one shot point to a number of geophones (Figure 3.12).

(4) Evaluation of seismic methods

Detailed measurements of seismic velocities in shallow borings or

along tunnel floors require an instrument with high sensitivity. For example,

to measure a 20-foot hole behind a jacking test in a tunnel, the first velocity

readings should be obtained within 3 to 5 ft of the surface. If the rock is

anticipated to have a velocity of 15,000 ft/sec, the recorder must be able to

measure travel times of 0.2 to 0.3 milliseconds. The same sensitivity is

needed for measuring the depth of the destressed zone around tunnels. At the

present time, there are few commercially made instruments with this resolution.

Because most of the geophysical apparatus is designed for oil field use, it may

not have the sensitivity required for detailed engineering work. Consequently,

the aims of the project should be made clear to the geophysical company before

the contract is signed.

The sensitivity of the recording apparatus is often expressed in

"paper speeds". An oscillograph with a paper speed of 25 in/sec displays a
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10-millisecond time interval over 0.25 inch of recording paper. In this case,

the readings of the first energy arrivals can only be accurately read to about

2 milliseconds. Therefore, if the rock has an anticipated velocity of

15,000 ft/sec, it is not possible to obtain an accurate measurement of energy

arrival times if the geophones are spaced within 30 feet of the shot point.

Paper speeds of up to 250 in/sec are needed for the detailed seismic surveys

mentioned above. Such sensitivity would display a 4-millisecond interval over

1 inch of paper, and the time of energy arrivals can be read as low as 0.25

milliseconds.

The hammer seismograph has an advantage over seismographs that use

dynamite as the source of energy because of strict control of explosives in

heavily populated areas. This instrument is equipped with a dual polarity geo-

phone with a flat or spike base. The spike base is not recommended forytunnel

work because there is seldom enough soft material in which to set the spike. Its

engineering versatility would be greatly increased if an inexpensive inhole geo-

phone was developed by the manufacturer. It would be possible to make detailed

inhole velocity measurements with this type of geophone. Seismic surveys could

also be made in feeler holes ahead of a tunnel face to locate zones of low

velocity or-poor quality rock. An inhole geophone should be coupled to the rock

by an expanding arm that would force the instrument tightly against the bore-

hole wall. If the system does not have this feature, the hole must be filled

with water for proper coupling. The disadvantages of having to rely on a high

ground water table are obvious.

d. Electrical resistivity

Electrical logging operates'6n the principle that any change in the

conductivity of geological material will alter the flow of current in the rock

and, therefore, will increase or decrease the electrical potential between

measuring electrodes.

Electrical conductivity in most rocks is essentially electrolytic.

Conductance taks place through the water in the voids of the material which

contain dissolved salts. Resistivity of a rock depends on the resistivity of the

electrolytes and is inversely proportional to the porosity. In massive

crystalline rocks, unless the water is saline, the degree of fissuring is the

most important factor controlling resistivity (Griffiths and King, 1965).

The conventional resistivity logs are obtained by measuring the change

in voltage caused by the flow of current between two electrodes. The resistivity
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(r) of a formation is defined as the resistance (R) between opposite faces of a

unit cube of that material (Dobrin, 1960). Therefore, for a conducting,

cylinder of length (,X) and cross-sectional area (x2

R2

r (3.12)x

If a current (I) is emitted from an electrode, the resulting equi-

potential surfaces are spheres concentric with- the electrode. The potential at

any spherical surface of radius (x) from the electrode (Gaskell and Threadgoid,

1960):

V : IR (3.13)

Irx
Ir (3.14)kir x2

Ir

The resistivity of a rock mass can be determined in a borehole by measuring the

change in voltage (Av) across two electrodes a known distance apart (x). Several

different types of resistivity logs can be obtained by varying the spacing of the

current and potential electrodes. The tests commonly run in boreholes produce

normal and lateral resistivity curves.

(1) Normal curves

The configuration shown in Figure 3.13a is a schematic of the

apparatus used for normal resistivity curves. If electrodes A and M are

closely spaced and B and N are far apart, the potential between A and M is

the one of importance. Therefore, with the normal configuration the potential

from A to M is as follows:

Ir (3.16)
4irAM

For logging purposes the potential is measured at the reference level 0,

which is halfway between A and M.

(2) Lateral curves

The electrode configuration for lateral logging is shown in Figure

3.13b. In this case, A is 18 ft 8 in. from 0 (the mid-point between M and N),

M and N are close together (32 in.), and B is far enough from AMU that it has

little influence on them.
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The voltage difference transmitted to MN is:

= Ir 1(, -AM (3.17)

The long spacing on this type of log was designed so that the result-

ing depth of penetration would be great enough that resistivity values would

not be influenced by the invaded zone. This zone is located around the borehole

and represents the encroachment of drilling mud and fluid into the formation.

(3) Evaluation of electrical resistivity

The resistivity values measured by these logs are apparent resistivi-

ties because they are influenced by factors other than the electrical properties

of the formation. These include: 1) the resistivity of the drillihg mud,

2) diameter of the borehole, 3) the location of the electrode array with

respect to changes in rock resistivities, and 4) the depth of the invaded zone

(for normal logs only). Factors 1 and 4 apply to oil field conditions where

drilling muds are extensively used. Correction curves are available for each

of these factors to determine the true resistivity of the rock.
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SECTION 4

LABORATORY INVESTIGATIONS

i. Introduction

Laboratory tests are used to define a rock in terms of intact engi-

neering properties such as strength, modulus of elasticity, density, and com-

pressional velocity. The tests were selected to provide laboratory data that

could be correlated with corresponding in-situ properties. Laboratory samples

represent the rock in its most homogeneous and isotropic state and when tested,

and compared with field data, provide a method 'of measuring the effects of

discontinuities.

2. Sonic Pulse Velocities

The compressional wave velocities of samples collected at field sites

were measured in both a dry and saturated condition under successive uniaxial

stress levels of-O, 50, 100, 200, 400, 1,000, 3,000, 1,00, and 0 psi. The

3,000-psi limit was chosen so that all samples could be tested without failure

of the weaker rocks. A violent failure could damage the transducers and reduce

the reliability of the subsequent velocity data. Saturation is defined as the

water absorbed by the specimen under the following laboratory procedures:

1. Oven-dry the sample for 24 hours at 1050C.

2. Place the specimen in a bell-Jar for 3 hours under a

partial vacuum of approximately 28 inches of mercury.

3. Cover the sample with water while it remains under

partial vacuum for another 3 hours.

4. Allow the sample to sit for 18 hours under water at

atmospheric conditions.

This saturation procedure is based on the results of saturation tests presented

in Table 4.1. These tests on dense rocks, which should have long saturation

periods, show that a 3-3-18 hour cycle provides the same percent absorption as

the 24-24-48 used by Deere and Miller (1966).

Following saturation, the samples were weighed and tested. After being

oven-dried for 24 hours their dry weight and velocity measurements were taken

again. In both sonic tests the ends of the samples were covered with a thin

film of silicone grease to improve acoustic coupling.
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The complete details of the pulse velocity apparatus are given by

Deere and Miller (1966) and the same equipment was used without modification

for this laboratory program. A brief description of the apparatus taken from

their report is given below.

TABLE 4.1
PERCENT ABSORPTION FOR SEVERAL SATURATION CYCLES

% ABSORPTION

CYCLE TIME, HOURS

ROCK TYPE 0-0-2 2-2-2 3-3-18* 24-24-48
t

GRANITE 0.09 0.11 0.14 0.14

GNEISS 0.50 0.57 0.57 0.57
0.11 0.25 0.25 0.25

SCHIST 0.12 0.20 0.19 0.20
and 0.05 0.15 0.17 0.17
GNEISS 0.08 0.08 0.10 0.10

LIMESTONE o.94 4.15 4.17 4.15
0.19 0.62 o.62 0.62

* selected cycle time as explained above

P -P2 " P1

% Absorption = x 100P1

P = weight of saturated specimen
2
P1 = weight of oven-dried specimen

The schematic diagram (Figure 4.1) represents the relationships of

the major components of the pulse velocity measuring equipment. A short dura-

tion, high voltage (1,000 volts maximum) pulse was applied to the transmitting

crystal from a high-gain, high-pass signal amplifier. The transducers consist

of barium titanate piezoelectric crystals (natural frequency = 200 to 300 kc/sec)

fastened to the inside of stainless steel transducer cups. These cups are

labelled transmitter and receiver in the diagram, but can be used interchangeably.

The input pulse causes the crystal to expand and contract rapidly, thereby

imparting a stress pulse to one end of the sample. In this way a series of
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ultrasonic wave trains are propagated through the sample to strike the receiving

transducer at the other end. The arrival of these pulses causes the mechanical

deformation of the crystal which generates a voltage across the crystal face.

The energy is amplified and displayed on the cathode-ray tube of the oscilloscope.

The start of the signa)-sweep must be related to the time of the initial input

pulse because the sweep must appear as a stationary wave-form on the screen.

These calibrated sweeps cause the horizontal distance on the screen to represent

a known interval of time. Therefore, the time of the first arrival of a sonic

pulse on the oscilloscope can be measured directly.

The saturated and dry velocities are calculated by dividing the length

of the sample by the first arrival time corrected for instrument delay. The

dynamic elastic modulus can be calculated.

Edyn = PVLab*(l-*) (h'1)

where

Edyn = dynamic modulus of elasticity

p = mass density

VLab = compressional wave , velocity

V= Poisson's ratio

3. Unconfined Strength and Modulus of Elasticity

Unconfined compressive strengths and moduli of elasticity were deter-

mined for 280 samples representing the entire range of rock types studied during

the project. Many of these samples were taken from the areas of in-situ jacking

tests to compare in-situ and laboratory moduli. The loads were applied by a

300-kip Riehle hydraulic testing machine and measured by a 600-kip capacity load

cell. Axial strains were measured by two SR-4 electrical resistance gages mounted

vertically on opposite sides of the sample and wired in series. The load cell

and SR-4 gages were connected to a Moseley X-Y Recorder, model 2D, which plotted

a stress-strain curve as each test progressed. The samples were tested to

failure at a loading rate of approximately 60 psi/sec.

4. Evaluation of Test Results

Young's modulus or the modulus of deformation for rock is a function of

the applied stress and may depart from the simple proportionality of stress and

strain that applies to many engineering materials (Deere and Miller, 1966). These
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authors chose to use the modulus that represented the slope of the stress-

strain curve at 50 percent of the ultimate unconfined strength; This procedure

was used in an effort to reduce the influence of microfractures in the sample

which close at low striss levels and produce a concave upward slope in the

stress-strain curve. 'The same procedure was followed in analyzing all stress-

strain properties of rock core for this investigation.

The results of sonic velocity tests showed that in all cases the com-

pressional velocities increased as the stress level increased and were higher

for the saturated samples than for dry ones. This has been observed by many

researchers including Walsh (1965), Birch (1960), Wyllie et al. (1958, 1956),

Hughes and Kelley (1952), and Deere and Miller (1966).

It was observed that the percent of velocity increase with increasing

axial load could vary widely in similar samples. If the closing of micro-

fractures in the rock is responsible for the increase in velocity with load, the

stress-strain curve should reflect the nresence of these features.

A comparison of Figure 4.2 and Figure 4.3 (granite-gneiss) shows the

latter to have a pronounced concave upward Stress-strain curve at stress levels

between 0 and 3000 psi, whereas the former is straight to convex upward within

the same stress range. These are data from identical appearing samples taken

from the same site.

The non-linear stress-strain curves at low stress levels can be

attributed to the closing of fissures in the rock. These microfractures are

thought to be the result of changes in the stress environment to which the

rock has been subjected. -They may originate from the different elastic proper-

ties of the minerals, whicl would cause differential elastic rebound upon

unloading. The effect of these features is also apparent in the dry velocity

curves as those samples that have the non-linear stress-strain curve show a

greater increase in velocity with increasing load than do those samples with

linear stress-strain properties. The saturated samples do not show as great an

increase in the compressional velocity as do the dry samples even though the

stress-strain curves Indicate the presence of microfractures. The same relation-

ships can be shown for the limestone in Figures 4.4 and 4.5.

The effect of pore fluids on the acoustic properties of rock has been

studied in detail by petroleum geophysicists (Mann and Fatt, 1960; Wyllie et al.,

1958, 1956; Hughes and Kelley, 1952; King, 1966). The presence of air-filled

voids retards the propagation of elastic waves between adjacent grains due to the
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high acoustical impedance across the rock-air interface. The attenuation of

the signal may cause a great enough decrease in the amplitude of the first

arrival that it cannot be identified on the oscilloscope. Therefore, the

secondary phase of the compressional wave may be mistaken for the first

arrival. The energy also travels the more indirect path entirely through the

grains of the rock. In both cases the arrival time of the compressional wave

will be later than if the rock contained no voids or-cracks. When the sample

is saturated, the air has been driven out of the void spaces., Any subsequent

velocity measurements will be higher than those in the dry rock because the

acoustic impedance across the water-rock boundary is less than that across the

air-rock interface.

The velocities of the saturated samples were chosen for correlation

purposes because 3-D velocities and most data from up-hole and tunnel seismic

surveys were obtained from saturated material. The selection of the proper

stress level at which to measure the compressional velocities is important

because all rocks -show an increase in velocity with pressure. Intuition might

suggest that the stress level be governed by the estimated overburden pressure

acting at the depth from which the sample was obtained. These velocities would

be expected to be compatible with the 3-D sonic velocities at the same depth.

However, the assumption that the pressure at a certain depth is equal to the

overburden may not always be justified. The in-situ stress state is related to

tectonic forces as well as the overburden pressure. In addition it appears that

a short term axial pressure which duplicates the overburden pressure would not

restore the sample to its in-situ condition.. Therefore, it was considered most

reasonable to select a stress level that resulted in the maximum increase in the

velocity for all rock types. All laboratory velocities used in this report

were measured at 3,000 psi. In the majority of cases the increase in velocity

for the saturated rock had leveled off at this point. Triaxial tests of satu-

rated rock cores up to 10,000 psi have shown a continual velocity increase

throughout the entire test (Wyllie et al., 1958; King, 1966) although in many

cases at least 90 percent of the velocity increase has taken place by 3,000 psi.
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SECTION 5

RELATIONSHIP OF ROCK QUALITY
AND IN-SITU TEST RESULTS

1. Introduction

The results of the in-situ tests described in Section Three depend,

at least in part, on the character of the geological discontinuities of the

rock mass. The sensitivity and reliability of each test can be judged by com-

paring tuest results with core logs. In this section borehole photography,

permeability tests, 3-D sonic tests, and resistivity tests are compared with

the location of joints or faults -r the rock quality defined by the RQD. TI

RQD used in this section is the one suggested by Deere (1966).

2. Borehole Photography

The number of joints identified by borehole photography is less than

the number of core breaks seen in a boring (Figure 5.1). This may be caused by

several factors: 1) breakage during drilling, 2) separation along potential

planes of weakness such as foliation or bedding, and 3) tight joints that can

not be identified on the photographs. If a joint surface has been weathered it

is readily recognized on the photographs because of color differences. How-

ever, if no weathering is present or if the water is cloudy it would be diffi-

cult to identify tight joints. Because a joint is tight in a borehole does not

mean that a similar feature would remain closed in the vicinity of a large

underground opening. Stress relief movements would occur primarily along such

surfaces.

Borehole photography has provided an invaluable tool for observing

large in-situ discontinuities and for measuring their orientation and inclina-

tion. However, it should not be assumed that those joints seen in photographs

represent the only planes of potential weakness in the rock mass.

3. Permeability

The values of rock permeability were determined from either single

or double packer pressure tests run in 5 or 10-foot sections of the borehole.

The rock types included gneiss, schist, and sandstone so that for the majority

of data permeability was dependent upon open joints. The data in Figures 5.2

to 5.6 show that there is a very poor correlation between RQD and permeability.
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There is either a wide range of permeabilities for a ,early constant RQD or a

restricted range of permeabilities for a wide variation in RQD. There is

apparently no relationship between 'the type of test and the degree of correla-

tion because similar trends were obtained from data of both single and double

packer tests. The tests represented in Figure 5.5 were run using 4-foot long

leather packers expanded against the rock at pressures exceeding 120 psi. This

method should have given the most reliable data because leakage between the

packers and the rock should have been minimal. It was not possible to determine

whether packer leakage occurred in any of the tests or whether the pressures

were high enough to enlarge the fractures in the rock.

The data indicate that the RQD can not be used as a means of predicting

in-situ permeability. The RQD is an index of joint frequency and weathered rock

and while these factors affect permeability it is likely that the more important

factor is the width of open Joints. Joints 1/8 to 1/2 in. in width would not

necessarily influence the RQD but could be responsible for high permeability.

The establishment of a relationship between permeability and the

openness and frequency of Joints requires a direct measure of these features by

borehole or television cameras. The hole should be examined before and after

pressure testing to determine if any separation has occurred along joint sur-

faces during the test. The rate of water intake should also be correlated with

the increase in pressure for the same reason (Figure 3.4). Drilling fragments

may penetrate fissures and obscure them from recognition on photographs. These

fissures might be washed clean during the pressure tests and anomalously high

water losses would result.

These water pressure data indicate that permeabilities of in-situ rock

can vary from 1 x l0 - 6 to 1 X 10- 3 ft/min even though the rock is generally of

high quality. For this reason no assumptions should be made of in-situ permea-

bilities on the basis of an RQD or other evaluations of rock based on fracture

frequency or the amount of weathering.

4. 3-D Sonic Logs
The variations of the wave form patterns in a 3-D log can provide

qualitative information about the rock that may be as useful as the sonic

velocity in an engineering evaluation. The presence of solution cavities,

Joints, and faults that do not intersect the boring may be inferred by a

careful study of the logs. An approximate angle of inclination of intersection
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or nearby joints and faults may also be determined by observing the wave pattern.

A particular wave pattern depends upon the reflection of sonic energy at the

discontinuity. If these features are not within the immediate vicinity of the

boring, it is necessary to extend the sweep time of the oscillograph so that

time is available for the energy to reach the feature and be reflected back to

the sonde. The normal sweep time of a 3-D log is about 1,200 microseconds and it

could be increased to 2,500 or 5,000 microseconds to locate features within 30

feet of the hole. The expanded time scale will, however,, compress the energy

display on the log and make it difficult to identify the arrivals of the primary

and shear waves.

The 3-D log in Figure 5.7 shows what is interpreted to be a nearly

vertical fracture that was recorded when the time scale was expanded to 5,000

microseconds. These features may also appear as thin lines on the log. If a

nearly vertical fracture cuts across the boring or is within the influence of the

depth of penetration of primary or shear energy, the arrivals of the sonic pulses

from different sides of the borehole may be slightly out of phase. This causes

a split of the dark streaks on the log which occurs with little increase in

travel time (Figure 5.8). These features may also be caused by foliation in

metamorphic rocks that dip at high angles.

The diagonal lines in Figure 5.9 that tend to converge at the left

side of the log are interpreted (Walker, 1964) as reflections from a density

interface or joint that intersects the boring at nearly right angles. Figure

5.10 is a schematic representation of the origin of these lines. As the

logging sonde approaches the interface, the reflected wave arrives at the

receiver at progressively shorter time intervals. When the transmitter moves

beyond the joint, the opposite pattern is formed on the log and the overall

appearance is that of a "W". When the transmitter is opposite the reflecting

surface, only the normally transmitted energy reaches the receiver and this con-

tinues until the receiver has passed the surface. The area showing no reflection

corresponds to the length of the tool. These reflection features are common in

many 3-D logs and are observed more readily where the sweep time has been

increased.

The principal causes of a decrease in sonic velocity are zones of

closely spaced joints and faults or the presence of abrupt changes in lithology

such as clay-filled solution cavities or fault gouge. The shear wave is

generally more affected by jointing than is tne primary wave becau, a the former
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is attenuated by the water in open fissures. This facilitates the identifica-

tion of the shear arrival when the differences in amplitude of the primary and

shear waves are small. Jointing and solution features influence the appearance

of the boundary or Stoneley wave that generally appears at a time of 700 to 800

microseconds for a 3-foot tool spacing. Any changes in hole diameter caused by

caved-in rock .or voids will cause an irregular-appearing boundary wave because

these waves travel along the surface of the borehole.

A portion of a 3-D log from limestone is shown in Figure 5.11. The

clear sharp wave patterns indicate a dense homogeneous material. However, this

formation has numerous solution cavities and brecciated zones, two of which are

located at 490 and 505 feet. The primary and shear energy have been so attenu-

ated that it is difficult to distinguish between them. The boundary wave is

also distorted which suggests an increase in hole diameter. Other velocity logs

run in the same formation have shown a complete loss of signal in these cavities.

Variations of the velocity in this rock are primarily related to shale-filled

cavities or to solution enlarged joints and not to the presence of numerous

fissures.

The log shown in Figure 5.12 represents a heavily jointed metamorphic

rock with foliation planes that dip from 300 to 900. Phasing splits in the

primary and shear wave patterns are common throughout the record because the

majority of fractures dip at angles ranging from 50 to 900. The high amplitudes

in the 28 to 38-foot interval were caused by energy transmission through a local

zone of dense unjointed mica hornblende schist. The increase in arrival times

and the signal attenuation in the 39 to 45 ft and 55 to 63 ft intervals are a

result of closely spaced joints, and the 72 to 123 ft interval represents a fault

zone with gouge and a high fracture frequency. The loss of the boundary wave

signal at 102 ft suggests that the hole has been enlarged. This was verified by

the results of both caliper and density logs. The variations of arrival times

in this log are primarily caused by joint frequency as shown on the graph of RQD

and velocity (Figure 5.13). These structural interpretations of the rock were

based on an examination of the core borings. A photograph of the heavily

fractured core from a depth of 67 to 110 ft is shown for this boring (Figure 5.14).

The examples presented above show that the core log, and the 3-D

sonic, caliper, and density logs can be used together to obtain a much clearer

impression of rock conditions in a boring. Comparisons other than RQD versus

sonic velocity are, however, basically qualitative.

82



Time, microseconds

100 200 300 400 500 600 700 800 900 1000

470--

A ttnato Arialtes formrser n
Solboundar wavesie

4883

490



Time, microseconds

100 200 300 400 500 600 700 800 900 1000

MIM

40

50 Heavily Jointe

~80

~90

100

FIG. 5.12 3-D SONIC VELOCITY LOG -INCREASED TRAVEL
TIME AND SIG14AL ATTENUATION CAUSED BY
FAULTING AND JOINTrING, BORING F, TWO FORKS
DAMS ITE



Compressional Velocity
RQD, % VP' X 10 f ps

0 25 50 75 100 010 12 14 16 is

10 i

20 2

-70- -----.......

........

410 ........ .....0. ...

42 0 ------

I:::::::: ::::: ........

. ...4....

Rock Tpe. Gniss &Averag.Velocty. pe
Schist To Forks.or.ng .Ru

Dam...... ...i.....
rF'G.5.... RELTIOSH. BEWE6C0ULT

DESIGNATION.... AN......RESINA
VELOCITY..

. .... .....



0

0114 >~ j0

86k

EA



5. Electrical Resistivity

Electrical resistivity surveys were not carried out under this con-

tract but a limited amount of data was available from private consulting files

(Deere, 1967, private communication). Resistivity logs were run in two borings

in granite as part of an exploration program for a pressure tunnel. A Widco

in-hole logger with a 2-inch electrode spacing (normal configuration) was used

in each boring. The lithology is constant throughout each boring and any

deviations on the log are ccnsidered to be the result of jointing or faulting.

The data from the two borings (Figures 5.15 and 5.16 respectively) show a

general trend of increasing resistivity with an increase in the RQD. Electrical

conductance occurs most readily through water-filled pores or fis .ures and will

therefore be higher in heavily fractured zones. The absolute resistivity values

in Figure 5.16 are higher than those in kigure 5.15 even though the lithology

is the same in each boring. A possible explanation is that the chemistry of the

ground.water may be different considering that the borings are 1 mile apart.

The variation in dissolved salts can be an important i ctor when analyzing

resistivity data. The resistivity data shown in Figure 5.17 from dacite and

rhyolite were obtained by using a logger with a lateral electrode configuration

(9-foot spacing). The points fall within the range shown in Figure 5.15 and

have the same trend of increasing resistivity with an increase in RQD.

The regression line determined by the resistivity measurements at the

Straight Creek Tunnel (Scott and Carroll, 1966) is shown on each of the figures

and in all cases the slope is steeper than that of the other data. These

measurements were made along tunnel walls in gneiss, schist, and pegmatite with

a Gish-Rooney apparatus using a Wenner electrode arrangement. This equipment is

limited to use on the ground surface or along tunnel walls.

Although there is cvnsiderable scatter in the resistivity values, the

data do indicate that this method is sensitive to heavily jointed areas in bore-

hole or along tunnel walls. It appears that either lateral or normal logs can

be used effectively if the spacing between measuring electrodes is small. The

short electrode spacing used in the Widco apparatus -3 preferred for explora-

tion because thin shear or fault zones can be recorded that otherwise might go

unnoticed with a device having a longer electrode spacing. The spacing of

the electrodes should be less than the degree of detail required for joint

mapping with a 2 electrode (normal) device (Wyllie, 1963).
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These records show that resistivity logs can be used to identify

fractured zones in rock, especially if the rock type does not change within the
boring. More information is necessary before a definite correlation can be

established between RQD and resistivity or before recommendations can be made

for the best type of testing equipment.

6. Conclusions

The data presented in this section have shown that sonic velocity and

resistivity measurements can be correlated with rock quality defined by the

RQD. While visual examination of drill core is the most direct method for

determining rock quality, the correlation between these tests and rock quality

may be used to supplement and in some cases replace core logging. Sonic velocity

or resistivity measurements could, for instance, provide rock quality estimates

in zones of core loss or in deep borings where rock bit drilling is less

expensive than core drilling. Although both methods can be correlated with the

RQD, sonic logging was used in this investigation because it is less sensitive

to slight changes in the lithology and texture of the rock and the chemistry

of the ground water.

The graphs of RQD and permeability indicate that in-situ permeability

cannot be estimated from fracture spacing. Apparently fracture spacing and

permeability are independent properties of a rock mass and both must be measured

to determine the in-situ conditions. The poor correlation between the frequency

of fractures determined by the RQD and borehole photography indicates that the

two methods do not measure the same discontinuities. Borehole photography records

the orientation and openness of major discontinuities while core logging provides

a record of the inclination (but not orientation) and spacing of both the major

discontinuities and planes of incipient fracturing. Borehole photography may be

correlated with in-situ permeability although data is not available to establish

the correlation. It should be valuable for assessing stability problems involv-

ing major discontinuities. The RQD can be used to assess the properties of a

rock mass which depend on all the geological discontinuities.
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SECTION 6

ENGINEERING CLASSIFICATION FOR IN-SITU ROCK

1. Introduction

A classification system is presented that is based upon index proper-

ties of in-situ rock. These indices are a measure of the discontinuities in the

rock mass and were developed using (1) a modified core recovery technique (the

Rock Quality Designation, RQD) and (2) the results of field and laboratory

seismic and sonic velocity tests (Velocity Index). Two methods are therefore

available for determining rock quality and each provides a check on the accuracy

of the other. The RQD, for example, may be affected by the drilling procedure

whereas velocity measurements are not. The term rock quality pertains to the

engineering suitability or the response of the material to construction pro-

cedures. Its application extends to situations where jointing or weathering

are important in design considerations such as in-situ deformation, depth to

suitable foundation material, tunnel support criteria, or general rock condi-

tions throughout a site for pre-bid information.

2. Indices of Rock Quality

a. Core recovery

Core recovery is often used as a means of evaluating rock conditions.

Its determination is left to the discretion of the driller and can not always

be used with confidence. It represents the amount of rock removed from a

particular coring interval but indicates nothing about the condition of the

core. This limitation of core recovery is evident in Figure 6.1, RQD versus

Core Recovery, and Figure 6.2, Core Recovery versus Velocity Index. While the

RQD ranges from 30 to 100 percent and the Velocity Index from 0.3 to 1.00, the

core recovery values are almost uniformly 80 to 100 percent. For these reasons

it is not recommended that core recovery alone be used as the basis for esti-

mating in-situ rock conditions.

b. Rock quality designation (RQD)

T elve methods of computing a value of rock quality were described in

Section Three. These data were calculated on a 7094 IBM computer from measure-

ments of over 3,000 ft of core borings. The results of each method were corre-

lated with the others to determine unique values of rock quality. For example,
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if an RQD using a core length of 0.2 ft correlated well with an RQD using a

base of 0.5 ft only one of these values was considered for additional correla-

tion with other properties such as the Velocity Index and permeability. By this

process the unique RQD values were determined to be those based on core lengths

of 0.35 ft, 0.5 ft and the weighited method of squaring the lengths of pieces less

than 1.0 ft (Figure 3.1). These values will be referred to in the following

discussion as RQD No. 1, RQD No. 2, and RQD No. 3 respectively. The original

use of the RQD (Deere, 1964) was with the 0.35 ft length, i.e., RQD No. 1.

c. Velocity index

The Velocity Index is defined as the square of the ratio of in-situ to

intact compressional wave velocities. The field velocities consist of either

in-hole sonic (3-D) values or the results of up-hole seismic surveys. These

sonic and seismic data were normalized by using a laboratory value in the

denominator to counteract the influence of lithology. If the field velocity

alone was used, a heavily jointed granite could have the same velocity as an

unjointed friable sandstone. The ratio of the velocities will approach 1.0 as

the number of joints decrease and the rock improves in quality. The ratio was

squared so that the Velocity Index is equivalent to the ratio of the dynamic

moduli. A particular zone of low quality rock will have a proportionally greater

effect on the RQD in a core run than it will on the velocity in the same inter-

val. The squaring of the velocity ratio tends to offset this difference and the

RQD and Velocity Index decrease on a nearly equal basis with increased jointing.

All the sonic and seismic velocities used in this report were measured

in saturated rock. The difference between dry and saturated laboratory veloci-

ties has already been mentioned in Section Four. A similar comparison for in-

situ rock was made at one site. In a moderately fractured gneiss, up-hole

seismic tests were performed in two borings, one in dry rock and the other below

the water table. The velocities of the saturated rock were 60 percent higher

than those in the dry rock. There is not enough information available to deter-

mine whether the differences would be as great at other sites.

3. Correlation of Rock Quality Indices

Velocity measurements from up-hole seismic and 3-D sonic tests were

correlated with RQD to determine if these rock quality indices could be used

interchangeably. To make these comparisons it was necessary to adjust the scale

of the test intervals. The sonic logs, for instance, contain foot-by-foot
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velocity values while RQD is based on core runs of 5 to 10 ft. To compare

these data, the sonic velocities were averaged for each core run. A Velocity

Index calculated from the average sonic velocity and a laboratory sonic test

was compared with RQD values. The seismic tests, on the other hand, have test

intervals of 10 to 75 ft and it was necessary to compare the average RQD for

the interval with a Velocity Index based on the seismic velocity and one or

more laboratory tests.

The preliminary determination of the best-fit line through the data

was made by using two statistical methods, the least square regression and the

reduced major axis analysis (Miller and Kahn, 1962). The former method requires

that one of the axes be the independent variable. If X is made the independent

variable, the method fits a line to the data that minimizes the sum of the

squares of the distances to the line measured perpendicular to the X-axis.

Conversely, the regression of X on Y can be defined as the line that minimizes

the sum of the squares of the deviations from the line, the distance being

measured perpendicular to the Y-axis. The regression line of Y on X is not

necessarily the same as the line for X on Y although they both intersect at a

point representing the mean values of the two variables.

The use of the least square regression method assumes that the

scatter of the data is caused by deviations of one variable. This is not the

case when considering the RQD and Velocity Index because each term is dependent

upon the amount of jointing and not on each other. The reduced major axis

analysis minimizes the sum of the areas of the triangles formed by lines drawn

from each point to the desired line and parallel with the X- and Y- axes. It

makes no assumptions of dependence. The reduced major axis line appears more

reasonable than do either of the least square lines (Figure 6.3). This

statistical method was used to determine the best-fit line for all the data

presented herein.

The degree of correlation between X and Y can be expressed by the

correlation coefficient, r, which is a measure of the intensity of association

or relationship between variables. The quality, r, varies between -1 and +1,

which are the values for a perfect correlation. The signs + and - are used

for positive linear correlations and negative linear correlations respec-

tively. The correlation coefficient is shown on each of the graphs in this

section.
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The significance of a correlation coefficient depends on the number

of data points used in its calculation. Fisher (1963) presents a table of

significance levels which expresses the probability of having a random distri-

bution, i.e., no correlation. From the table, knowing the number of data

points and the correlation coefficient, it is possible to estimate the proba-

bility of a non-correlation from 100 per thousand to 1 per thousand (signifi-

cance levels 0.10 and 0.001, respectively). A significance level of less than

0.05 is considered significant and one less than 0.01 is considered highly

significant. It can be noted that the significance levels shown on the graphs

(S.L.) are generally 0.001 indicating highly significant correlations.

The correlation of rock quality indices is discussed for each of the

RQD's calculated from different base lengths. The data for each RQD are

presented on 2 graphs; the first is based on 3-D sonic velocities and the

second Qn up-hole measurements.

The relationship of RQD No. 1 and the Velocity Index is shown on

Figure 6.3 (based on 3-D sonic velocity) and Figure 6.h (based on up-hole

velocities). A logarithmic curve has been used as a best-fit line. These data

indicate that the 0.35 ft base RQD is apparently not as sensitive as is the

3-D logger in measuring joint frequency because of the larger variation in the

Velocity Index (0.6 to 1.0) with respect to a smaller change in the RQD (80 to

100 percent). Both the RQD and velocity data are generally lower (at the same

site) on the up-hole velocity graphs than those on the 3-D graphs. These

seismic velocities are measured over a greater portion of the rock than are

the 3-O1 values, and therefore are influenced by more fractures. The RQD values

are representative of average conditions over the length of the boring and will

not have the high values typical of smaller intervals tested by the 3-D logger.

The use of RQD No. 2 (based on core lengths of 0.5 ft) reduces the

cluster of points that characterized RQD No. 1 and spreads the data into a

more linear trend (Figures 6.5 and 6.6). However, this method also produces

considerable scatter in the RQD for a Velocity Index range of 0.8 to 1.0 sug-

gesting that the 0.5-ft base length might be too severe and that the RQD is too

low because of the large amount of core that is being omitted from considera-

tion.

The distribution of data in Figures 6.7 and 6.8 which is based on RQD

No. 3 (weighted iralues) is similar to that shown in Figures 6.5 and 6.6 except
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in the low and extremely high ranges. The absence of RQD No. 3 values in

these ranges is expected because a coring run would have to consist of fault

gouge to have an RQD close to 0 percent and conversely, the RQD will seldom be

100 percent because core pieces greater than 1.0 ft are relatively uncommon.

All graphs show that the Velocity Index approaches 1.0 as the RQD

approaches 100 percent. It is not anticipated that the Velocity Index would

consistently exceed 1.0 because of the careful preparation of the laboratory

samples in contrast to the rock conditions expected in boreholes. The samples

are subjected to higher pressures in the laboratory than exist in the field and

in addition, the higher frequencies and pulsing rate of the laboratory equipment

as opposed to either the 3-D sonic or the seismic methods may also tend to pro-

duce higher velocities. A Velocity Index of approximately 0.2 at an RQD of 0

percent is in agreement with the anticipated behavior of faulted or extremely

weathered rock. For a dense material such as granite, an intact velocity of

19,000 ft/sec car be assumed. Weathering or faulting may reduce the rock to a

soft porous state or even to a clay gouge. In these instances saturated in-

situ velocities of 8,000 to 10,000 ft/sec would be expected. The corresponding

Velocity Index would be approximately 0.2 and the RQD of this material would

be nearly 0 percent.

As was explained in Section Three, core pieces bounded by weathered

joints, severely ground surfaces, and breaks that could not be perfectly

matched were included in the measurements of rock quality. It is not possible

to determine if all these surfaces represent in-situ discontinuities or are

artificial breaks caused by drilling. If the latter were the case in a signi-

ficant proportion of the borings, there would be a decrease in rock quality

with no change in the Velocity Index. The RQD of a rock mass does not indicate

the degree of openness of the joints or the presence of soft filling along

these surfaces. These features can cause attenuation of seismic energy and

can be responsible for low compressional velocities. It was anticipated,

therefore, that numerous cases could occur where the Velocity Index would

decrease rapidly while the RQD remained constant. This does happen to a

limited extent in Figure 6.3 and could reflect either openness of joints or

that the critical joint spacing is greater than 0.35 ft. It might also be

suspected that water could couple the seismic energy across the joints with

no signal loss. The VelocJty Index would thereby remain nearly constant
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whereas the RQD would decrease. The linear relationships of these graphs

indicate that joint spacing seems to be the controlling factor of the RQD

and Velocity Index.

The data plotted on Figures 6.9 through 6.11 represent the range of

values of rock quality from the Tehachapi site. This information was not

plotted on the other graphs because of their inconsistency. The up-hole seismic

values, however, were consistent with the relationships established at the

other sites. The slope of the best-fit line is nearly the same as in the

other graphs, but it has been displaced upward along the Y-axis. If the

relationships established for the other sites is representative of the

behavior of rock, the Tehachapi data are anomalous. The distribution of the

data points indicates that either the RQD values are too low or that the 3-D

sonic velocities are too high. The low RQD might have been caused by core

breakage during drilling. These holes were drilled with a wire-line core

barrel which can provide high core recovery when operating correctly, but a

mis-latch of the core barrel can produce severe core breakage. A number of

zones of low core recovery are known to be the result of mis-latch, but this

factor is probably less important than the character of the rock. The boring

logs indicate that the rock is heavily jointed with weathered surfaces on most

core pieces. It is believed that the core logging did indicate the degree of

jointing in the rock mass and that the problem lies with the sonic logging

apparatus.

The sonic velocities are consistently higher than less jointed rocks

of similar composition from other sites. The anomalous velocities may be the

result of a malfunction of the instrument or the assumptions made during the

analysis of test data are not valid. The assumption that the tool was centered

in the holes during logging may not be valid. If the deep holes are not verti-

cal, the tool would have been resting against the rock during the tests and the

energy would have traveled through a thinner fluid zone than expected. The

assumed fluid travel time would be too large and the corrected travel time too

small. This could cause an apparent high rock velocity.

A comparison was made between the seismic and sonic (3-D) velocities

at 4 sites (Figure 6.12). These measurements were made over exactly the same

portion of their respective borings and indicate that the seismic velocities

are generally lower than their sonic counterparts. The information from the
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Tehachapi site falls away from the trend of the rest of the data indicating that

the sonic velocities are higher than the seismic values would imply. The 3-D

velocity could be as much as 13 percent higher than would be expected according

to the other data. If all the 3-D data from the Tehachapi site are reduced by

13 percent and a new Velocity Index determined for each point and compared with

the RQD, the results are in accord with the trends established from the other

sites. The modified velocity values have not been used in the classification

system because there is not enough information available to determine whether

or not the 13 percent figure is valid.

4. Engineering Classification

The Velocity Index values for uphole seismic and 3-D sonic are com-

bined with each RQD in Figures 6.13 through 6.15. Although the test interval

is much larger for the uphole tests, the points for both uphole seismic and 3-D

sonic tests generally have the same trend. One exception is the 3-D sonic tests

at Tehachapi. These values are anomalous to the trend established by the uphole

seismic at Tehachapi and seismic and sonic at other sites. For this reason

they are not plotted individually and are not included in the statistical

analysis. The location of the Tehachapi sonic data is shown by a dashed 75

percent line. A reduced major axis correlation line and correlation coefficient

are shown on each graph. A best-fit line has been drawn through the points,

and considering the distribution of data, the graph can be conveniently sub-

divided into descriptive categories of rock quality. The selection of the

boundary lines is an arbitrary matter. However, an attempt has been made to

set these boundaries on the basis of a general impression of the rock conditions

observed at each site. This could include the degree of jointing seen in rock

slopes or excavations, the amount of weathering along joint surfaces, general

tunneling conditions, and any other engineering or construction difficulties

caused by geologic features.

If the graphs are subdivided on the basis of RQD only (Table 6.1) a

classification can be developed that is independent of the type of rock under

cons ideration.

It is shown that the granite gneiss at the Dworshak Dam can be

described as of Excellent Quality whereas the gneiss at the Tehachapi, World

Trade Center, and Morrow Point projects can vary from Good to Poor Quality.

This variation is strictly a function of the amount of jointing and weathering
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which are two significant geologic features that must be considered in an

engineering evaluation of in-situ rock. In a similar comparison, the massive

limestone at Yellowtail Dam falls in the Good to Excellent categories whereas

the limestone at the Northwestern Illinois. site is generally of a Poor Quality.

Intense weathering at the latter site is the primary reason for this variations

The frequency of jointing is responsible for the different engineering proper-

ties of the sandstone at Glen Canyon Dam as opposed to a similar rock type at

the Hackensack site. The rock at the Two Forks site can be described as Fair

to Good Quality based on the majority of points although some of the data fall

into the Poor category. These latter values are representative of the RQD

and Velocity Index in the fault zone shown on Figure 5.14 at a depth of 95 to

105 ft.

TABLE 6.1

DESCRIPTION OF IN-SITU ROCK QUALITY

RQD Description
(Percent)

0-25 Very Poor

25-50 Poor

50-75 Fair

75-90 Good

90-100 Excellent

A consideration of Figures 6.13 through 6.15 indicates that RQD No. 1,

No. 2, or No. 3 could be used interchangeably with the Velocity Index to pre-

dict in-situ rock quality. The tight distribution of points in Figure 6.13

(RQD No. 1) would indicate that this method is preferable over RQD No. 2 or

RQD No. 3. However, the correlation between the variables is not linear at

high values of RQD because the Velocity Index decreases faster than the RQD in

this range. The graph of RQD No. 2 (Figure 6.14) has a more linear trend but

there is considerably more scatter of the data points. The graph of RQD No. 3

might be a compromise between these two systems because of its linearity and

slightly less scatter of the data than that shown for RQD No. 2. This method,

however, is slightly more complicated than either of the other two systems
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because of the additional calculations of squaring the lengths of the core

pieces.

Considering these factors, it is recommended that RQD No. 1 (base,

length of 0.35 ft) be used as the method of describing rock core for engineering

purposes. The data have the least amount of scatter of any of the other systems

and do not require any weighting process for pieces of varying lengths. The

relationship with the Velocity Index is such that either index can be used to

describe the properties of a rock mass. RQD No. 1 is the technique described

by Deere (1964). The non-linear nature of these points suggests that the RQD

No. 1 and Velocity Index should not be subdivided using the same boundaries as

shown on Table 6.1. if such a system were used, a rock mass with an RQD of 80

percent would be described as being of Good Quality whereas its anticipated

Velocity Index (based on the graph) would indicate a Fair Quality rock. By

changing the boundaries on the Velocity Index axis the two systems are compatible.

This method is suggested as the basis for the classification system (Table 6.2).

TABLE 6.2

ENGINEERING CLASSIFICATION FOR IN-SITU ROCK

RQD Velocity Index Description
(Percent)

0-25 0-0.20 Very Poor

25-50 0.20-0.40 Poor

50-75 O.140-0.60 Fair

75-90 0.6o-0.8o Good

90-100 0.80-1.0 Excellent

A system is presented whereby in-situ rock quality can be determined

either by seismic measurements or core logging procedures. The variations in

the nature of the rock at any site can be measured using either method and an

estimate ot the relative percentages of each category can be made for a general

evaluation of the rock. Although no quantitative engineering information is

implied by these descriptive categories, they can be used to determine the
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relative amounts of rock of varying quality. This should be the logical

result of any exploration program for engineering projects.

The ultimate decision of the applicability of this classification

system to field conditions must be based on its correlation with in-situ

properties such as deformation, tunnel stability, or other engineering

parameters.
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PART B

CORRELATION OF ENGINEERING BEHAVIOR AND THE
ENGINEERING CLASSIFICATION OF IN-SITU ROCK

SECTION 7

ENGINEERING PROPERTIES OF IN-SITU ROCK

1. Introduction

The properties of the rock mass which are important in rock engineer-

ing are compressibility, permeability, and strength. The particular physical

property of interest depends upon the nature of the problem. For instance, for

the design of a cut-slope in rock or an underground opening the strength char-

acteristics are of prime importance. On the other hand, in the design of the

abutments of an arch dam all three of the aforementioned mass properties may be

important.

Each of these mass properties is measured by in-situ tests. Com-

pressibility is measured by various static tests or dynamic tests such as seismic

surveys or sonic logging. Permeability is measured by the water pressure or

pumping tests described in Section Three. Strength, which is commonly the shear

strength along geological discontinuities, is measured by a static test. The

results of these tests can be safely used in the design of engineering struc-

tures only if the rock tested is representative of the rock mass. For this

reason, field tests are much larger than conventional laboratory tests and

usually involve a substantial investment of time and money.

Unfortunately rock masses are rarely homogeneous. They are normally

comprised of zones which can be characterized by the spacing and type of dis-

continuities, rock type, and degree of weathering. A complete engineering

evaluation of a rock mass would require a large number of in-situ tests so that

statistical average properties of each zone could be determined. This approach

is economically impractical and the field tests are commonly performed only in

critical areas. The engineering evaluation of a rock mass would be more com-

plete if exploratory observations and tests could be used to estimate the engi-

neering properties of the rock in areas outside the in-situ test sites. The

possibility of using the proposed engineering classification for this purpose

is examined in Part B of this report.
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2. Deformation Characteristics oflIn-Situ Rock

The deformation characteristics of a rock mass depend upon the nature

of the intact rock and the characteristics of the geological discontinuities

within the zone affected by the load. Because the deformability depends upon

the average characteristics of the rock mass, the rock quality indices- should

be of' value for predicting in-situ deformability.

Figure 7.1 illustrates two problems encountered in civil engineering

practice where the deformability of rock, expressed as a deformation modulus,

plays a major role in determining the design of the structure. The first is a

lined pressure conduit such as an underground penstock. The liner plate may be

designed by assuming no exterior support but a thinner plate can be used if the

rock is assumed to resist a portion of the internal pressure. The second problem

is the case of a building, bridge pier, or abutment founded on rock. The

dimensions of the foundation are determined from an estimate of settlement,

especially differential settlement, the structure can withstand. An accurate

appraisal of the in-situ deformation modulus can result in a more economical

foundation design.

The deformation characteristics of in-situ rock are determined by

several types of static tests which are described and compared in Sections 8 to

12. Section 13 presents comparisons between static and dynamic tests performed

at the same sites, while Section 14 presents correlations between these tests

and rock quality measurements. A comparison of field test results and the

deformability of foundation rock determined by deformations caused by engi-

neering structures is presented in Section 15.

3. Permeability of In-Situ Rock

The data presented in Section 5 indicate a poor correlation between

field permeability measurements and the rock quality of the tested interval.

While the reasons for this poor correlation have not been investigated in detail,

it is apparent that permeability depends upon the width and interconnection of

fractures in the rock mass. As both of these factors are not measured with

sufficient precision by rock quality indices, the possibility of extrapolating

field permeability measurements by means of the proposed rock quality indices

is not promising.
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4. Shear Strength of In-Situ Rock

Field tests have shown thac the shear strength along discontinuities

depends to a large degree upon the geometry of the opposing joint-block sur-

faces and the characteristics of the filling material. Rock quality measure-

ments are not sufficiently detailed if a failure can occur along a single

persistent and adversely oriented geological discontinuity. When the rock

movement involves a large number of discontinuities such as the raveling of a

rock slope or the walls of an underground opening, rock quality measurements

may provide a means of estimating the probability and magnitude of a potential

failure.

Sections 16 and 17 examine two construction problems which are related

to the shear strength of a rock mass. The relationship between the rate of

construction of a tunnel and rock quality measurement are examined in Section

16. In Section 17 the support requirements of underground openings are com-

pared with rock quality measurements.

120



SECTION 8

PLATE JACK TEST

1. Introduction

The in-situ deformation modulus was first measured statically by the

plate jack method. The earliest static test referred to in the literature

reviewed was made in 1935, by the Irrigation Department of Algeria (Mayer, 1963).

The first tests in this country were Jack tests performed by the USBR at Davis

Dam in 1948 (U. S. Bureau of Reclamation, 1948 and 1951).

Before that time, it was common design practice to assume that the

modulus of the rock mass was twice that of concrete. This assumption was based

on the observation that the laboratory modulus of elasticity measured on intact

core samples is commonly higher than the laboratory modulus of :concrete. The

experience gained from hundreds of plate jack tests in nearly all rock types

shows that this assumption was not conservative. The tests indicate that the

in-situ modulus of rock is generally from one-half to one-tenth of the intact

rock modulus and the majority of Jack test moduli are less than the modulus of

concrete. The low in-situ deformation modulus is primarily caused by movements

along discontinuities in the rock mass. The following pages contain descrip-

tions of various aspects of plate Jack tests including site preparation, test

setup, and conduct and analysis of the test.

2. Site Preparation

The first concern in choosing a jack test site is to obtain a loca-

tion where, depending on the purpose of the test, the rock represents the

average or the extreme of rock quality encountered at this site. Because

evaluation of rock quality is based on geologic information of a qualitative

nature, subjective judgment has a large influence on the site chosen.

Rocha (1955), states that the site should be free of open joints as

such joints which would be filled by grouting operations. This suggestion may

seem unconservative until one examines the deformations measured i4n plate jack

tests. Typically, the maximum deformations are only a small fraction of an

inch. One open joint can easily double this deformation and halve the cal-

culated deformation modulus.
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If an open joint can halve the plate jack modulus, what influence

would it have upon structural deformations? Waldorf et al. (1963) examine this

problem and show that individual joints under a major structure probably do not

affect the structure, but the foundation deformations under- the structure are

a response to the deformation characteristics of-the joints collectively. Thus,

a test dominated by on adverse joint does not represent the average deformation

characteristics of the rock mass.

Additional site requirements are imposed by the limitations of methods

used to analyze the test results. The elastic equations used to calculate

moduli from deformation measurements assume that the loaded area is an infinite

half-space. This assumption is not completely valid if the loaded surface is of

limited extent. Rocha (1955) suggests that test. sites in adits be at least five

tunnel diameters from the entrance, to obtain essentially an infinite surface in

one direction. The diameter of the tunnel should also be at least several times

the diameter of the Jack plate but this ideal situation is often not attained

due to the expense of driving large diameter tunnels.

Seismic investigations and borehole photography almost invariably

show that the rock surrounding an underground opening is cracked for a distance

up to ten feet or more behind the rock face. This cracking is caused by stress

redistribution in the rock mass due to the presence of the opening, and of

blast-induced fracturing. It will be shown later that the rock immediately

behind a Jack plate dominates the deformations measured in the tests and it is

advantageous to minimize the influence of the cracked rock. Although the forma-

tion of the "destressed zone" can be only partially controlled, the blast-

induced fracturing can be controlled. For this reason, it is common practice

to use special techniques in excavating the test area. The test adit is usually

driven through the test area by blasting with light charges. The adit is then

enlarged to the size required by the test equipment using hand or pneumatic tools.

At Morrow Point Dam, the test surfaces were excavated 18 to 24 inches behind the

adit wall to avoid the zone of blast-induced fractures. This was accomplished

by drilling holes on 3 in. centers and removing the remaining rock with a

pavement breaker and chipping hammer (Dodd, 1967).

3. Test Setup

Figures 8.1 to 8.3 illustrate three types of plate jack equipment.

The setup in Figure 8.1 has been used for a number of years by LNEC (Laboratorio
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FIG. 8.3 DWORSHAK DAM PLATE JACK TEST (After
Shannon and Wilson, 1964 )
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Nacional de Engenharia Civil, Lisbon, Portugal) for tests in foundation

galleries of arch dam sites (Rocha, 1955). The equipment shown in Figure 8.2

was used at Karadj Dam, Iran (Waldorf et al., 1963), and that shown in Figure

8.3 was used at Dworshak Dam, U.S.A. (Shannon and Wilson, 1964).

Although the setups differ in detail, they have four essential parts:

(a) a concrete pad to provide a smooth test surface, (b) Jack plates,

(c) hydraulic jacks, and (d) a reaction system. The Jack plate in Figure 8.1

is an oil-filled metallic cushion or Freyssinet flat Jack while the Jack plate

in Figure 8.2 is a rigid metal plate. The setup used at Dworshak Dam employs

a Freyssinet flat Jack as both a Jack plate and a hydraulic Jack. The reaction

systems are quite different in the three setups: with timber in the LNEC setup,

a metal strut in the tests at Karadj Dam, and the aluminum tubes at Dworshak

Dam. In addition, each setup includes one or more dial gages for measuring

rock deformation.

Figure 8.4 shows a Jack test setup which uses a flat Jack cemented in

a slot formed by closely spaced drill holes in the floor of a test adit

(KuJundzic, 1966). Although site preparation is more complicated, the equipment

used in the test is simple and fairly portable. Deformations associated with

the test are measured by noting the amount of air required to maintain the

pressure in the flat jack. Rocha (1966) has suggested a modification of this

technique which should provide faster and less expensive testing. He uses a

rock saw to cut the slot and a thin, close-fitting, semi-circular flat Jack

which does not require cement to obtain close contact with the rock.

The choice of the Jack plate is very important for it determines the

validity of the moduli and the method of analysis. The first consideration is

the size of the plate. Tests reported in the literature have been conducted

using plates from 8 to 36 in. in diameter. Serafim (1968) reports that L.N.E.C.

has performed some tests with 63 in. diameter plates. The plate should be of

such size that it loads a significant volume of rock. The literature contains

very few concrete suggestions on the size of the plate, but it appears desirable

to use a plate diameter several times the average joint spacing. In highly

fractured rock, a plate of small to medium size can be used to obtain repre-

sentative deformations. In rock with rather wide joint spacing even large

diameter plates cannot load a representative volume of rock.

Grimm et al. (1966) illustrated this problem with a report of Jack

tests on schist and iron ore. The jack plate size in each case was the same,
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but the average joint spacing in the iron ore was about equal to the diameter

of the plate while it was a small fraction of the plate diameter in the schist.

The jack modulus of the iron ore was about equal to the laboratory value while

the field modulus of the schist was one-thirtieth of the laboratory value. The

authors state that the latter value was valid but the former was high largely

because of the scale of the test.

The rigidity of the jacking plate compared with that of the rock tested

is important as it determines whether the results can be analyzed by rigid or

flexible plate elastic solutions. The rigid plate analysis is appropriate for

small diameter cast iron plates. The advantage of small rigid-plate jacks is

that relatively high loads can be placed on the rock by means of a single

hydraulic Jack. Gicot (1948), and Talobre (1961.) have used 8 to 10-in, rigid

plates with small hydraulic jacks to obtain a relatively portable plate jack

apparatus.

The use of small diameter rigid Jack plates can be criticized from two

points. The first is that the small plate may not give representative values

because it does not load a signifieant volume of rock, i.e. at least several

joint blocks. The second shortcoming is that the rigid plate exerts a high but

unknown pressure on the rock. Elastic studies show that the stress distribution

under a rigid plate loading an ideal elastic material produces high peripheral

stresses and low stresses under the center of the plate. The fact that rock

will not behave as an ideal elastic material makes it impossible to predict the

stress distribution under the plate.

When the diameter of the Jack plate is increased to test a more signi-

ficant volume of rock, the rigid plate assumption is less valid. The stress

distribution beneath the plate is the function of the modulus of the loaded

media as well as the modulus, thickness, and radius of the plate. The problem

of evaluating the semi-rigid case has been eliminated by Rocha (1955), and Dodd

(1967) by placing a rubber pad or an oil-filled metallic cushion between the jack

shoe and the mortar pad to obtain a uniform stress distribution. Shannon and

Wilson eliminated the hydraulic jack completely and used a Freyssinet flat jack

to load the rock directly. These Jack plates exert a relatively uniform load on

the rock, and therefore are analyzed by solutions for flexible plate loading on

an elastic media.

The load applied to the jacking pad is obtained by using one to four

hydraulic jacks, each having a capacity of 50 to 300 tons or a Freyssinet jack.
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The number and size of the Jacks depend on the size of the loading area and the

magnitude of loads- required. The most distinguishing feature of the hydraulic

systems of various setups is the method of controlling the load on the rock. As

the rock deforms the jack must be extended to maintain a constant load. This

can be done manually, but for long-term tests which investigate the creep char-

acteristics of the rock, an automatic pressure control system is required. The

Shannon and Wilson setup employed a pressure regulator connected with a gear type

hydraulic pump to maintain the pressure in the Freyssinet Jack. The Bureau of

Reclamation jack apparatus used at Morrow Point (Dodd, 1967) had two fluid sys-

tems. The first, called the active system, included the hydraulic Jacks and an

air operated hydraulic pump. The second, the reactive, consisted of a Freyssinet

jack under the loading shoe and hydraulic lines connecting it to the air system.

The ratio of the air pressure to oil pressure was set at 1:150 so that the

hydraulic Jacks exerted the desired load on the Freyssinet Jack and, in turn,

on the rock. When rock deformation caused a reduction in the oil pressure in

the Freyssinet system, the pressure ratio was upset and the pump automatically

turned on and restored the balance.

The required Jack reaction can be obtained in several ways. In the

case of Jack tests conducted in test pits, the restraint can be developed against

beams anchored in the rock or by jacking against a structure, such as a wooden

crib filled with rock, which is heavy enough to resist the Jack. Several systems

used in underground tests are shown in Figures 8.1 to 8.3.

4. Deformation Measurements

Figure 8.3 illustrates a gage designed to measure changes in the

diameter of the tunnel. It consists of two telescoping metal tubes each grouted

in the rock behind the center of a Jack plate. Commonly, this diametral rod is

made of invar, an alloy with a very low coefficient of thermal expansion. By

avoiding large artificial lights in the test area during tests, the temperature

changes can be limited to 1 to 30 C. Temperature corrections are, therefore,

generally unnecessary. The movement of each plate is measured in this case

by using one dial gage on the diametral rods to measure total deformations and

a second attached to a fixed reference beam to measure movements of one rod.

Deformation measurements can also be made using dial gages to monitor

movements of the jacking plate or the rock near the plate. In each case, the

gages must be attached to a fixed reference point which is commonly a metal beam
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parallel to the axis of the test adit. If the reference beam is anchored

three to five' plate diameters on 'either side of the test setup, it is assumed

*! that it is outside the zone of influence of the test. Normally,, three or four

'gages spaced at equal intervals around the periphery of the plate are used to

measure Jack plate movement. Movements of the rock surface are obtained by

measuring vertical movements of pins grouted into the rock with dial gages

attached to the reference beam.

Deformation measurements can also be made within the rock mass either

in boreholes behind the Jack plate or outside the Jack plate area. Measurements

of this type are reported by Shannon and Wilson (1964), the Multipurpose Dam

Rock Testing Group of Japan (1964), and by Judd (1965). The Japanese tests used

a Carlson strain meter with a gage length of 4 in. The Shannon and Wilson

measurements were obtained by using a Carlson joint meter installation. The

upper end of the gage was placed within 2 ft of the surface while the lower end

of the gage was fixed at a depth of 18 ft. The Jointmeterbecause of its longer

gage length,measures the average deformation of a large mass of rock. The

strain meter will give quite different measurements depending on whether it is

located in a joint block or spanning a joint. These measurements, which exclude

at least a portion of the influence of the destressed zone, yield moduli which

are more suitable to the design of arch dams.

5. Testing Procedure

The pressure in the Jack system is raised to the maximum testing load

in three to four increments. In the Dworshak tests where the maximum load was

1,000 psi, the increments were 250, 500, 750, and 1,000 psi. Initially, the

load was raised to 250 psi and maintained there until creep deformations had

ceased. This generally required about 24 hours. Then the load was removed and

the no-load conditions were maintained until creep had ceased. The cycles to

500, 750, and 1,000 psi followed the same form. The entire test required about

1 week.

Examples of load-deformation curves are shown in Figures 8.5 and 8.6.

Deformations measured during loading and unloading are clearly indicated, as

well as deformations under constant load. The modulus rosette-diagram is very

helpful for checking various moduli. The load-deformation curve shown in

Figure 8.5 has an overall concave downward form. This indicates that shearing

displacements along the geological discontinuities beneath the plate are
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increasing with pressure. Figure 8.6, on the other hand, has a form which is

generally concave upward. In this case, the joints have closed at relatively

low pressures and the moduli of the later cycles of the test are approaching

that of the intact rock.

In both types of load-deformation curves it is not uncommon to

observe rather peculiar movements during the first interval of loading.

Exceptionally large deformation, abrupt changes in the rate of defor'iation,

and even expansions are sometimes noted. This behavior is evidently the result

of joint closure and joint block rotation which are local details and not

representative of the average deformation characteristics of the rock mass.

The form of the unloading curve depends upon the surface forces

tending to keep the joints closed. The magnitude of these forces depends upon

the geometry of the joints, i.e., the amount of interlocking which prevents

expansion, and the action of absorbed water on the two surfaces. Most commonly,

the unloading curve is very steep during the removal of the first half of the

load and then essentially parallels the loading curve to zero pressures.

Lane (1966) discusses the types of deformation observed in load-

deformation curves. The first type is elastic movement which is an immediate

response to changes in loading. In this, he groups the deformations noted

during application and removal of load. The second type, or the plastic defor-

mations, occur during periods of constant load. The third type of deformation

is what he calls recoverable plastic. This type of movement occurs during

unloading and at zero pressures at the completion of the test.

6. Interpretation of Test Results

Once the load-deformation curve has been defined, the engineer is

faced with the problem of obtaining a design modulus from the test data. The

test modulus is directly proportional to a slope on the load-deformation graph.

However, the load-deformation graph can be interpreted in several ways. The

engineer may use the total deforrition and maximum load, E1 -2, the slope of the

upper half of the unloading curve, E2 -3, or the slope of the entire unloading

curve, E2 -h (see Fig. 8.6). While these moduli do not represent all possible

interpretations they represent those commonly ured.

El12 is generally the lowest, and tnerefore, the most conservative

value to use. It includes deformation during loading and constant load.

Depending upon the general shape of the load-deformation curve, this modulus

133



increases or decreases with increasing stress levels, but is normally lower

than E2- 3 and E This modulus will be referred to as the modulus of

deformation, Ed.

The two moduli measured from unloading curves can be taken at any

cycle of the test but as the loops are quite similar they are commonly measured

on one of the cycles to maximum load. E is the highest, and it has been
2-3

noted that it often corresponds to the modulus calculated from seismic tests.

SE2 -4 is lower, with a range between the seismic modulus and the modulus of

deformation. Of the two rebound moduli E2 -4 seems the most useful as it is less

affected by the characteristics of the joint surfaces during unloading. Herein,

it will be referred to as the field static modulus of elasticity, E .e

Moduli are calculated from the load-deformation curve using the

assumption that the rock acts as a semi-infinite elastic medium. The assumption

that a rock mass can be treated as an elastic medium can be justified only by

the observation that within the range of loads imposed by conventional plate

Jack tests, -the load-deformation relationship is approximately linear. The

semi-'infinite boundary condition is satisfied if the rock surface, which is

loaded by the test, is considerably larger than the loading pad. Waldorf et al.

(1963) suggests that the minimum dimension of the surface should be at least

five plate diameters. Most of the diagrams of Jack setups indicate that this

requirement is not fulfilled. The expense of enlarging a test adit opening to

obtain the five diameter requirement is probably prohibitive especially if a

large number of tests are to be run. Shannon and Wilson (1964) partially com-

pensated for the fact that the test adits at Dworshak were approximately two

plate diameters wide and two and one-half diameters high by placing line drilled

holes along the edge of the floor and crown of the tunnel to minimize the effect

of the adjacent rock surface. Serafim et al. (1966) has suggested that the

restraint caused by adjacent surfaces could be excluded by applying a reduction

factor of 0.75 to the moduli calculated from load-deformation curves.

The rigid plate tests are interpreted by the Boussinesq rigid punch

solution:

p2 2

E(r 2 ) (8.1)

where E is the deformation modulus of the rock, P is the total force applied,

v is the Poisson's ratio of the rock, 6 is the measured displacement, and a is

the radius of the rigid punch.
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The elastic solution for displacement at the center of the circular

and flexible Freyssinet Jack is:

E = 2q (1 v2 )  - (8.2)Er 6 - (a al

where q is the unit load, az is the area of the Jack, and a1 is the area of

the central hole. This formula is used to analyze the diametral measurements.

The general solution for the Freyssinet Jack which can be applied to deep read-

ings is:

9- [(1 + v)(Z
2 )2

r 6z (a2 + Z
2)1/2  (a2 + Z

2 )2 12

(8.3)

2 21[2 (1 - v) [(a 2 + Z2  _ (a, + Z2  ]

where 6 is the measured displacement at any depth z.

The formulas above require a Poisson's ratio which must be measured

by another test or estimated. Rice (1964) suggests that Poisson's ratio can be

estimated from laboratory and seismic tests. Sonic and seismic tests indicate

that the Poisson's ratio for in-situ rock is commonly in the range of 0.1 to

0.3 (see Section 14) with 0.25 a reasonable average value. The effect of

Poisson's ratio, however, is relatively small as it is squared in both the

rigid and flexible plate equations.

Deformations measured across the diamc-ter of the opening or from the

Jack plate are dependent to a large degree upon the deformability of the

destressed zone. If the jack test moduli are to be used in the design of a

tunnel lining, the influence of the destressed zone must be included. When the

jack test moduli are to be used in the design of structural foundations, the

influence of the destressed zone can yield a modulus which is too conservative.

Because of the relative size of the pressure bulbs created by the in-situ test

and the structure, the effect of a few feet of destressed rock is much more

pronounced on the in-situ test. A more realistic in-situ modulus can be

obtained for foundation studies if the influence of the destressed zone is

minimized.

Theoretical elastic analysis indicates that the deformations measured

outside the loaded area are less sensitive to the surface layers and they

provide a better indication of the deformation characteristics of the deeper

rock. However, deformations outside the loaded area are often so small that
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they approach the limits of accuracy of the dial gages. Another method of

determining the deformability of the deeper layers is to use gages such as the

Carlson jointmeter installed in a drillhole behind the loaded area. The

influence of the destressed zone is diminished by increasing the depth of

embedment of the top of the gage. However, the depth of embedment is limited

by the fact that the stress created by the surface load decreases with depth.

The Dworshak Dam tests (Shannon and Wilson, 1964), indicate that a gage with an

embedment of only 1 to 2 ft can provide deformation values approaching those of

the undisturbed rock. The moduli calculated from buried gage measurements were

commonly 100 percent higher than the moduli obtained from surface gages.

Therefore, it appears that the influence of the destressed zone can be mini-

mized most efficiently by using buried gages.

The literature provides few comparisons of rigid and flexible plate

Jack test results. Serafim et al. (1966) feel that there should be little com-

3arison between the two methods but that the rigid plate values would be higher.

The only direct comparison was made by the Japanese Multipurpose Dam Rock

Testing Group (1964) where a rigid Jack and a flexible jack test were performed

in adjacent sections of a concrete gallery at Yuda Dam.

A concrete gallery offered an ideal test site for this comparison as

mass concrete closely approximates the homogeneous elastic medium assumed for

the analysis of plate Jack tests. Laboratory values showed that the modulus
6.

of the concrete is 3.8 x l0 psi.

Each test was instrumented with both surface and buried gages. The

deformation within the concrete was measured by 4-in Carlson strain meters in

a boring drilled along the center axis of the plate. Depth of embedment is

not given.

Table 8.1 contains a summary of the moduli calculation from displace-

ments. In the rigid plate test the surface moduli are lower than the laboratory

value by a factor of three while the deep moduli are high by 50 percent. The

flexible plate tests, on the other hand, yielded surface and deep moduli which

are from 10 to 25 percent high. The load-deformation curves for both rigid

tests had very low slopes under initial loads and the slope increased rapidly

at higher load levels. The flexible tests yielded load-deformation curves with

nearly uniform slope and the almost overlapping load and rebound curves for

both surface and deep readings. The Japanese Multipurpose Dam Rock Testing

Group concluded that the rigid plate made rather poor contact with the rock
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mass in spite of the concrete pad and Jack friction may be responsible for

the erroneous test results. The flexible plate test on the other hand gives

moduli which are slightly high but almost uniform for both surface and deep

measurements.

TABLE 8.1

COMP2ARISON OF MODULI MEASURED BY RIGID
AND FLEXIBLE PLATE JACK TESTS

Type of Modulus of Elasticity, psi x 106

Measurement
Rigid Plate Jack Flexible Plate Jack

Surface gages 1.2 to 1.4 4.3 to 4.5

Buried gages 4.7 4.3 to 4.8

Laboratory test 3.8 3.8

7. Special Uses of the Plate Jack Test

While many references present load-deformation curves which show the

magnitude of creep, only one reference contains information on creep rate.

Serafim (1961) presents the results of a creep test that lasted 80 hours. The

results plotted as deformation versus log of time revealed a nearly straight-

line relationship. This information would be valuable in ascertaining the

deformation due to long-term loading.
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SECTION 9

PRESSURE CHAMBER TESTS

1. Introduction

Pressure chamber tests are the largest in-situ static test of the

deformation modulus. The pressure chamber test was first performed at pressure

tunnel sites to determine if the rock could support part of the hydrostatic load,

and thus, reduce the thickness of the liner. It has since been used in the

abutments of arch dams to obtain the deformability characteristics of the rock

for the design of the concrete arch.

Because of the size of the area tested, pressure chamber tests are

especially valuable in testing rock masses with large joint spacing. However,

the test is expensive, and it is normally limited to large projects where an

accurate determination of the deformation characteristics of the rock can

result in substantial savings in the design of the structure.

2. Site Preparation

The site preparation is similar to that of the Jack test except the

test area is much larger. The ideal test site would have a circular cross-

section with walls smooth enough to allow the use of a thin flexible liner.

However, this is nearly impossible to achieve because of irregularities caused

by bedding and by joint surfaces. In foliate rocks, it may be necessary to use

a rectangular cross-section (Talobre, 1961); but this cross-section requires a

correction factor in the analysis that can be avoided by careful blasting and

hand trimming to get a near circular cross-section.

3. Test Setup

A typical pressure chamber setup is shown in Figure 9.1. The first

setup in building the pressure chamber is the construction of one or two rein-

forced concrete bulkheads to isolate the test section. Some economy can be

realized by placing the chamber at the end of the test adit and using a single

bulkhead. The bulkhead toward the tunnel portal is equipped with an access

portal covered during the test by a steel door, water pipes, air outlets, and

wires for instrumentation within the chamber.

138



AA

Water Injection -VrialBr
Pipe- Drain Pipe -

.- Drain Pip L.LA - Ringed Reinforcement

Outlet Of Cables For
Meosurment - Pipe For A
Water Pressure Gouge

,-Joint Meter
-Longitudinal Joint

SECTION A-A

FIG. 9.1 TYPICAL PRESSURE CHAMBER TEST
SET-UP (After Deere et al., 1967)
Reproduced with the permission
of A.I.M.E.

139



The most critical part of the test chamber construction is the

installation of an impermeable lining. Some of the earlier chamber tests

(Rocha, 1955) were unlined and it was evident in examination of the chamber

after the test that water had moved into bedrock joints and caused some of the

joint blocks to move and rotate. This created a significant scatter in

deformation readings.

The ideal liner material would be completely impermeable and yet

would offer no resistance to the load. Rubber has these properties, but it

cannot be placed directly on the rock as the irregularities of the rock sur-

face puncture the rubber as soon as the chamber is pressurized. Bituminous

material is reasonably impermeable, does not resist loads, and has been used

successfully as a liner material (Rocha, 1955). Lightly reinforced concrete

is reasonably suited for pressure chamber linings except for the fact that

numerous fine cracks form at high pressures admitting some water to the rock,

and the lining can develop hoop stresses which can resist a portion of the

hydrostatic load. Thus, an acceptable liner would use a combination of these

materials. A lightly reinforced concrete lining, which is jointed longitu-

dinally so that it cannot develop hoop stresses, with an inner rubber lining to

make it impermeable, appears to offer the best solution to the problem.

When the pressure chamber test results are used for design of a

pressure tunnel lining, the test section may be a short section of the finished

tunnel or an exploratory drift with trial lining. The test area should be

excavated by the same construction techniques that will be employed in the
tunnel. Trial linings are normally concrete or steel liner sections grouted

to the rock mass. The test location may be chosen to represent the average or

extreme rock conditions encountered, and the rock may be tested with or with-

out consolidation grouting. Because of the cost of the test, only a few of

these variables can be economically investigated at one site.

4. Deformation Measurements

In order to minimize the influence of the ends of the loaded area,

deformations are often measured in the middle one third of the chamber. The

deformations are measured by diametral or buried deformation gages that are

equipped with hydraulic or electrical systems which provide remote readout.

Typically, the diametral gages are installed in closely-spaced

groups of two to four gages so that the deformations measured occur essentially
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within a plane. Three such groups -are often used with each group consisting of

one gage in vertical orientation, a second in a horizontal orientation, and the

third and fourth in 45-degree orientations.

The moduli determined from diametral gage measurements may be directly

applied to the design of a pressure tunnel. A pressure chamber test at an arch

dam site, however, should also be instrumented to obtain deformations within

the rock mass where a destressed zone does not dominate the results. This

can be accomplished by using buried gages as explained in the previous section.

Deformation measurements can also be obtained by carefully metering

the water pumped into the chamber and measuring any leakage around the bulk-

head. However, this method is not as sensitive as diametral and borehole gages

and cannot be used if the lining has leaked. At best, this method offers only

a crude check on the other deformation values.

5. Testing Procedure

The pressure chamber is filled by using a port near the bottom of

the bulkhead. An open port near the top of the bulkhead provides a vent for

the air displaced by the water. Because of the size of the opening and the

small magnitude of rock displacements caused by test pressures, it is important

to avoid movements due to heat exchange between the rock and the water. The

water may be stored in the tunnel until it has equilibrated with the tempera-

ture of the adit, or it may be heated or cooled as it is pumped into the

chamber. Once filled, the pressure chamber test is conducted quite similarly

to the plate jack test, and the load-deformation curves are presented in the

same way.

6. Interpretation of Test Results

The analysis of the pressure chamber tests is based on the elastic

solution of the thick-wall cylinder problem. This solution is valid if the

deformations created by internal pressure can be considered a two-dimensional

case. This is approximately valid when deformation measurements are made near

the middle of a chamber at least 5 or 6 diameters long and sufficiently remote

from the g&ound surface that its influence can be ignored (Rocha, 1955).

The application of the thick-walled cylinder solution is discussed

by Deere et al. (1967). The following quotation refers to Fig. 9.2.
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The application of an internal pressure, pi, at the internal
radius, a, of an infinitely thick cylinder causes changes in stress
distribution as shown in Figure 9.2(a). The change in circumfer-
ential stress at the inner fiber is a tensile stress equal to the
applied radial stress, pi. Since a rock mass cannot transmit a
tensile stress, some investigators (Bleifuss, 1955) have objected
to the use of elastic theory to interpret the results of pressure
chamber tests. It should be pointed out, however, that the initial
stress distribution around an opening at depth consists of a com-
pressive circumferential stress which peaks very near the opening
as shown in Figure 9.2(b). Consequently, within the ranges of
pressure normally used in pressure chamber tests (200-500 psi) the
tensile change in circumferential stress due to the internal load-
ing only serves to decrease the high initial circumferential com-
pressive stresses. Therefore, the use of single elastic thick-
walled cylinder theory for the interpretation of pressure chamber
results is considered adequate provided the chamber is 5 to 6
diameters long.

The elastic solution for the thick-walled cylinder problem is

P. a
E -i-- ( +v) (9.1)

a

where Er is the modulis of the rock, Pi is the internal pressure, a is the

radius of the chamber, 6a is the deformation of the wall of the chamber, anda
v is Poisson's ratio. A modulus can be calculated from buried gages using the

relationship

P. a 2

Er = 1jr (l + V) (9.2)
r

where 6r is the deformation measured behind the wall of the chamber at ar

radius r.

Other relationships have been developed to account for the load

carrying capacity of the chamber lining and the deformations caused by the

deztressed zone. These equations require additional assumptions and give

higher and thus less conservative modulus values. These refinements of analysis

are rarely justified and most tests are analyzed using equations 9.1 or 9.2.

Equation 9.1 is most appropriate for pressure tunnel design, while equation 9.2

can be applied to foundation design.

7. Radial Jack Test

In recent years, the radial Jack test has been used by several investi-

gators (U.S. Bureau of Reclamation, 1966; and Lauffer and Seeber, 1966) to
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combine the advantages of the relatively simple test setup of a plate jack test

and the large mass of rock loaded by a pressure chamber test. The radial jack is

installed in a section of test adit approximately one tunnel diameter long which

has been carefully excavated and smoothed by a circumferential concrete pad.

The jack consists of a number of longitudinal Freyssinet jacks, 6 to 8 ft long

and approximately 1-1/2 ft wide, held against the rock by wooden beams that are

in turn supported by a framework of ring beams (Figure 9.3). The test is usually

instrumented like a pressure chamber test with diaxnetral gages and gages within

the rock. Unlike the pressure chamber test the diametral gages can be set up

for direct reading as access to the test area is available during the test.

Because the test setup is only one diameter long, the two-dimensional

plane strain assumption used in analyzing the pressure chamber test is no

longer valid. The test is analyzed by a modification of existing elastic

solutions by using additional deformation measurements taken outside the

loaded area.

1 Wi



FIG. 9.3 RADIAL JACK TEST (After USBR, 1966)
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SECTION 10

BOREHOLE DEFORMATION TESTS

1. Introduction

Pressure chamber tests and large diameter jacking tests are expensive

to perform because of extensive site preparation and elaborate testing equip-

ment. Therefore, their use is generally limited to major construction projects.

The need for a static deformation testing device that will give rapid, inexpen-

sive in-situ modulus values has stimulated the development of a number of

borehole deformation devices. At present, there are about six different instru-

ments used to perform rapid deformation tests in' borings of small to medium

size. In the following sub-sections, these will be briefly described as reported

in the literature.

2. The CEBTP Apparatus

The CEBTP apparatus, developed by Dawance, uses the flat Jack prin-

ciple (Mayer, 1963). The apparatus consists of a hollow steel cylinder split

by an axial cut into two halves. Within the hollow space are a pair of oil-

filled rubber bags, which are so arranged that changes in oil pressure push the

half cylinders apart. The movements of the half cylinders are measured by an

induction extensometer located between the bags which is sensitive to movements

of 0.004 in. The load exerted on a rock surface can be calculated from the

pressure in the hydraulic system. No information is given on the size of the

instrument except that it is about 29 in. in diameter. It is reasonable to

assume that the instrument is from 3 to 4 times longer than its diameter, or

7-1/2 to 10 ft long. The method of analyzing load-deformation curves is not

given, but the reference states that the instrument has been calibrated in

blocks of concrete and gypsum.

3. The Janod-Mermin Apparatus

The Janod-Mermin apparatus was developed about 15 years ago by engi-

neers of Electricite de France (Mayer, 1963). It consists of a steel tube 30

in. long, 6-1/2 in. in diameter with a wall thickness of about 0.4 in., and a

sleeve of annealed aluminum which encloses the tube leaving a hollow space

between. Ring seals at both ends allow pressurizing of the hollow space by
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water. Deformations are measured by a pair of transverse extensometers which

pass through water seals in the steel tube and contact the aluminum sleeve.

It is reported that the instrument can be used at internal pressures up to

3,500 psi.

4. The Sounding Dilatometer

The sounding dilatometer, developed by Kujundzic (1964), consists of

a steel cylinder 40 to 47 in. long surrounded by a rubber envelope making the

complete diameter of the tool 8 to 12 in. Test loads are obtained by filling

the space between the rubber and the steel tube with water. Testing pressures

range from 600 to 1,000 psi. Deformations are measured either by a pair of

centrally located extensometers, which pass through glands in the wall of the

instrument, or by measuring the water pumped into the instrument. The volu-

metric method is used only in testing soft rocks. The smaller diameter tool is

portable and decreases the cost of drilling test holes. However, Kujundzic

states that a smaller diameter device does not stress a large enough volume of

rock, and the local influence of one or more discontinuities can give "a

totally erroneous picture of the rock at the point tested."

5. Menard Pressure Meter

The Menard Pressure Meter consists of a cylindrical probe containing

three pressure cells (Menard, 1966). The cells are cylinders of equal size

arranged one above the other in the probe and normally inflated by compressed

air or water. The middle cell is used for deformation measurements that are

recorded by either feeler gages or the volumetric method. The upper and lower

cells, or guard cells, are used to increase the length of the loaded area so that

the deformation measurements are not disturbed by end effects. Various models

of the pressure meter are available for tests in borings from 1-1/2 to 4-in.

diameter.

6. Summar

All the devices described above are, essentially, miniature pressure

chamber tests. However, the CEBTP exerts a load through a rigid plate while

the Janod-Mermin, Kujundzic, and Menard devices exert the load through flexible

membranes. In each test, an elastic analysis of the results is based on the

assumption that the measurements are made in the center of a rather long

loaded area.

147



These instruments have the advantage that site preparation is simple,

measurements can be made beyond the destressed zone of an adit, and they measure

moduli deep in the rock mass without the expense of a test adit. Comparisons

between borehole deformation measurements and jacking tests (Duffant and Comes,

1966, and Dvorak, 1967) indicate that the borehole tests yield a higher modulus

with about the same scatter associated with the plate Jack tests. The principal

criticisms of this type of testing are that the load in a vertical hole is

exerted horizontally while it is the modulus in the vertical direction which is

normally required, and that the volume of rock affected by the test is smaller

than large diameter Jack tests.
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SECTION 11

OTHER STATIC TESTS

1. The Cable Method

A limitation of the plate jack tests described in Section 8 is that

they can only be used efficiently in underground openings where the opposite

wall of the opening can be used to provide restraint for the hydraulic jacks.

A few surface plate jacking tests have been performed, but they require cumber-

some arrangements of dead weight to provide reaction for the jacks. Such systems

are limited to tests of relatively compressible rock. If hydraulic jacks could

be used more efficiently in surface plate jack tests, the test could be used at

sites for large buildings where a test adit is unjustified and could provide

additional test sites at arch dam sites without the expense of driving more

adits.

Jaeger (1961), Fergusson et al. (1964), and Deere (1965), have sug-

gested that the required reaction for surface loading tests can be obtained by

the use of cable tendons. Cable tendons are high strength steel cables anchored

in a boring by means of a mechanical device or a grouted section. Techniques

for installing cable tendons have been developed in recent years to provide

inexpensive supports for slopes and underground openings. It is reported that

loads up to 4,000 tons can be supported by this method (Jaeger, 1961).

The only documented large scale in-situ deformation test using cable

reaction is reported by Zienkiewicz and Stagg (1966, 1967). Their test setup

is shown in plan and section view in Figure 11.1. The setup consists of two

pairs of cubic concrete loading pads each 3 ft on a side. The blocks are

placed in a square configuration with 3 ft spaces left between them. The load

is applied to each block by three 100-ton hydraulic jacks restrained by means of

a cable tendon and cylindrical steel cable head. The load is transferred from

the jack to the concrete block through a Freyssinet load cell. The maximum

pressure in each test is 390 to 450 psi.

A pair of loading pads was used because deformations between the blocks

are greater than those near a single loading block. An additional advantage of

this setup is the blocks can also be loaded horizontally by means of tie bars and

hydraulic jacks. A horizontal deformation modulus can be calculated from
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lateral displacements of the blocks. With two moduli measured in perpendicular

directions Zienkiewicz and Stagg feel that important corrections for anisotrophy

can be obtained, which can in turn be applied to each set of values.

The main deformation measuring system is a series of sensitive dial

gages supported on a reference rod 20 ft long which is supported by pins

located outside the area affected by the load. The gage points are pins

grouted several inches into the rock surface. In addition, vertical movements

of the loading pads are measured by dial gages mounted on either side of the

concrete block and attached to the same reference rod.

The reported test was performed in a limestone quarry in Derbyshire,

Wales. The rock is a coarse crystalline limestone with massive bedding 30 to

60 ft thick. It contains two major joint sets intersecting at approximately

75 degrees with an average joint spacing for each set of approximately 3 ft.

The test site was located at the top of the quarry to obtain rock free

of cracks due to production blasting. The soil and three feet of rock were

removed to obtain the test surface. At this level, the joint blocks were sound,

but the joint planes showed significant weathering. The significance of this

weathering is shown by the low measured value of the deformation modulus,

0.31 x 106 psi.

The size of the individual loading pads in this test are about the same

as large diameter Jack tests. Because of wide joint spacing at this site, the

tests involved only a small number of joint blocks. Under these conditions, a

heavily reinforced concrete pad, 10 by 10 ft loaded by 8 to 10 cable tendons,

would provide an even more representative test. In this type of loading

arrangement, deformation measurements in boreholes beneath the loaded area

would provide information for calculating a deformation modulus.

The use of large loading tests can be justified if the results allow

the use of a less costly foundation design when savings are substantially

greater than the cost of the test. The test would be even more attractive,

economically, if the loading pad can be used as one of the column footings. It

would be particularly advantageous to put the test blocks on the poorer rock

encountered because the maximum test loads can be maintained or adjusted during

construction so that very small deformations occur.
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2. Tank Test

A large in-situ static test is being conducted at the proposed site

for a proton synchrotron near Thetford, England (Building Research Station,

1967). This accelerator will consist of several miles of horizontal beam tunnels

and several experimental areas with permanent buildings. While the loads are

not exceptionally high, it is said that the magnets which focus the proton beam

must remain within 0.006 in. of position for every 150 to 300-ft section of

tunnel. With such exacting requirements, it is mandatory to use a site with

uniform bedrock having predictable deformation characteristics. The geologic

investigations indicate that the Thetford site, located on the middle chalk

formation, is adequate for the proposed structure. Quantitative information on

the deformation characteristics will be obtained, from a number of 3-ft diameter

plate loading tests, and from one large scale in-situ test.

A large scale load test is being performed using a 59-ft diameter

welded steel tank. During the test, the tank is filled with water so that it

exerts an average load of approximately twenty-five psi. Deformation measure-

ments will be made in man-size boreholes up to 100 ft deep beneath and

adjacent to the tank. Remote recording inductive transducers will be used to

monitor the strains created by the load. It is felt that a complete site

evaluation can be made by comparing the results of the large-scale test with

plate Jack and laboratory tests.

An in-situ test of this scale will certainly provide unique informa-

tion on the relationship between the intact and the in-situ properties of a rock

mass. However, it should be noted that the test can only be used on relatively

compressible rock due to the low load levels.
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SECTION 12

COMPARISON OF IN-SITU STATIC TESTS

1. Introduction

The literature on in-situ static tests is quite extensive although

these tests have been performed only within the last two or three decades. The

tests reported were performed in a variety of rock types ranging from clay shales

to granites and quartzites. The geologic setting ranged from mountainous areas,

where folding, faulting, and high tectonic stresses are found, to plains areas

where the rock is essentially undisturbed. The range of rock types and geologic

setting partially explains the observation that the lowest and highest moduli

reported are separated by a factor of one thousand.

A survey of in-situ test results indicate, as would be expected, that

a representative modulus range cannot be assigned to a particular rock type.

it appears that a factor of ten may also separate the low and high values

obtained by the same test techniques at one site in the same rock type. Several

authors, notably Rocha et al. (1955), Serafim and Nunes (1966), Multipurpose Dam

Rock Testing Group (1964), have presented data which show that this wide range

of moduli is caused by the way the test is performed, the orientation of the

test, and the characteristics of the rock mass.

In this section, a few of the factors which influence the calculated

static modulus are discussed and illustrated by data from the literature. The

values used in this discussion appear in Appendix A. Many of the graphs pre-

sented in this and the following sections best fit lines determined by reduced

major axis analysis. Each best-fit line is accompanied by a correlation coef-

ficient, r, a significance level, SL, and for important relationships, the

equation of the best-fit line. Many of the graphs also contain referenze lines

with slopes of 1:1, 1:2, or 1:5 to assist the reader in evaluating the data

presented.

2. Comparison of the Modulus of Deformation and the Modulus of Elasticity

Of the many possible moduli which can be calculated from load-

deformation curves, the deformation modulus (Ed) and the modulus of elastiity

(Ee) are the most useful (See Section 8). The modulus of deformation may be

the most appropriate value for design as it is the lowest and, therefore, the
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most conservative value obtained from the test. It does contain the effects of

crack closure, cyclic loading, and some creep deformation. The modulus of

elasticity, on the other hand, is considered to be unrealistically high for use

in design. It does correlate well with the seismic modulus but both are thought

to be too high because they do not contain the effect of crack closure, and

time-dependent displacements.

Figure 12.1 is a plot of E versus E for plate Jack tests, borehole
e d

deformation, and radial jack tests. The correlation coefficient is 0.947. The

graph shows that the ratio between the two moduli is relatively constant for

the wide range of test types and in-situ moduli. Significant deviations from

the correlation are evident only in rock with a low in-situ modulus. It should

not be inferred that different types of static tests will give corresponding

moduli at the same test site. This comparison is made later in this section.

The regression line shown in Figure 12.1 is dominated by the large

number of plate Jack tests. However, seven points representing radial jack

tests at one site indicate that the same relationship is valid. The same trend

is also indicated for four borehole deformation tests.

The relationship indicates that the ratio between the modulus of

deformation and the modulus of elasticity changes with the value of the modulus

of elasticity. When E is near 10 x 106 psi the ratio is about 0.9. When E
6 e e

is near 0.3 x 10 psi the ratio is about 0.3. This change suggests that E d/E e
could be used as a rock quality parameter.

3. Comparison of Moduli Measured in the Vertical and Horizontal Directions

Rocha et al. (1955) and Serafim (1964) have reported that Jack test

moduli measured at a test site are commonly lower in the vertical direction

than in the horizontal direction. Deere et al. (1967) attribute this behavior

to the fact that gravity forces open the geologic discontinuities in the roof

of the underground opening, and thus lower the modulus in the vertical direction.

In Figure 12.2 the modulus measured in the horizontal direction is

compared with the modulus measured in the vertical direction. The majority of

points show that the horizontal modulus is greater than the vertical modulus.

In a few cases, the horizontal modulus is considerably smaller than the vertical

modulus. These anomalies may be explained by the concept that the quality of

the rock mass has changed significantly in the short distance between the two
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tests and this change has masked the influence of test orientation. The effect

of direction of stratification may also explain some of the anomalies.

4. Comparison of Moduli Obtained Perpendicular and Parallel to Stratification

Bernard (1966) and Chapman (1961) have shown that the modulus

measured perpendicular to stratification is lower than that obtained in the

parallel orientation. In Figure 12.3, the moduli measured perpendicular to

stratification are plotted against the corresponding parallel measurements.

More than'half of the data shows that the parallel values are up to 100 percent

higher. However, the remaining points show that the moduli measured perpendi-

cular to stratification are higher. These anomalies indicate that discon-

tinuities other than bedding planes have influenctd the test results. Perhaps

extension fractures, which can form perpendicular to stratification in the

destressed zone, are the major reason for the occasionally lower roduli -measured

in the parallel orientation.

5. Comparison of Moduli Obtained Before and After Grouting

In Figure 12.4 moduli determined by plate jack, pressure chamdber,

radial jack test moduli, and field seismic measured after grouting are plotted

against the moduli at the same location before grouting. In the majority of

cases, the modulus after grouting is from one to two times the modulus before

grouting with several values ranging up to five or higher.

A few values show lower moduli after grouting which indicates that

the grouting operation is not always effective in consolidating the rock mass

and apparently can be detrimental. This is most common for rock masses with an

in-situ modulus before grouting of less than one million psi. The low initial

modulus in these cases is probably the result of clay filled joints within the

pressure bulb of the test. This clay filling is quite resistant to water

flushing which commonly precedes grouting. Although flushing is more effective

if the wash water is charged with comprezsed air to increase the tureLlence in

the fractures, the usefulness of grouting under these geologic conditions should

be viewed critically. If substantial amounts of the clay filling are not

removed by flushing, it will block grout penetration. In addition, the clay

fillings drastically reduce the stability o: the joint blocks, and it is pos-

sible that the pressure exerted by the grout can cause rotation of some of the

joint blocks, resulting in a lower modulus.
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The amount of improvement from grouting shown in Fig. 12.4 should

be viewed critically from another point of view. Lauffer and Seeber (1966)

measured the improvement from grouting by using two radial Jack tests in

adjacent areas of apparently similar rock quality. The results are included

in Figure 12.4. Most of the tests indicate only small improvement in modulus

grouting and a few show a lower modulus after grouting. The advantage of using

two sites is that the after-grouting test is performed on rock which has not

been prestressed by a previous static test. It is possible that some of the

improvement in deformation characteristics from grouting reported at other sites

is the result of prestress caused by the test before grouting.

6. Comparison of Moduli Obtained by Borehole Deformation and Plate Jack Tests

In a limited number of cases, direct comparisons have been made

between moduli obtained by plate jacking tests and borehole deformation measure-

ments. Comparisons of these tests are presented by Duffaut and Comes (1966) and

Dvorak (1967). Figure 12.5 contains a summary of the reported values. The

borehole deformation moduli are consistently higher than the jack test moduli

as would be expected by comparing the size of the stressed area. Because the

borehole deformation technique stresses a smaller volume of rock than Jack

tests, the values, in general, should fall between the Jack moduli and those of

the intact rock. The data presented suggest that the borehole deformation modu-

lus is from 50 to 100 percent higher than the corresponding plate jack modulus.

Although the data show a fairly consistent trend, this relationship is

probably fortuitous. When the joint spacing is greater than the length of the

borehole deformation device, a wide range of deformation moduli should be

measured. In some tests, the instrument will be situated essentially within a

joint block and the measured modulus will approach that of the intact specimen.

In other tests, the measured deformations will be largely the result of move-

ments along one joint. If this joint is open and oriented at an acute angle to

the boring, the deformations will be high and the calculated modulus low.

7. Comparison of Moduli Obtained by Pressure Chamber and Plate Jack Tests

The pressure chamber test, because of the large loading area, stresses

a large number of joint blocks and the moduli are representative of an in-situ

modulus. A plate Jack test yields a valid in-situ modulus only when the joint

spacing is some fraction of the loading plate diameter. When the joint spacing
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is smaller than the plate, the plate Jack and pressure chamber results should

be similar. When the joint spacing approaches or exceeds the diameter of the

loading plate, then the Jack test moduli may be either higher or lower than

corresponding pressure chamber moduli.

Unfortunately, the number of comparisons between these two test

techniques is quite limited and the comparison (Figure 12.6) is not conclusive.

More than half the data show that the pressure chamber moduli are equal to or

less than the plate Jack moduli.
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SECTION 13

THE RELATIONSHIP BETWEEN STATIC AND DYNAMIC
MODULUS MEASUREMNTTS

1. Introduction

The usefulness of the field seismic technique to identify and

delineate zones of relatively uniform rock quality is widely appreciated and

frequently quoted in the literature. However, many authors express concern that

dynamic moduli calculated from seismic velocities are significantly higher than

corresponding moduli from static tests. This discrepancy between dynamic and

static moduli can be explained by the considerable difference in the load level

and the duration of loading used in the two techniques. The dynamic moduli are

calculated from loads of a few pounds per square inch applied for a fraction of

a second, while the static technique employs pressures of hundreds of pounds

per square inch and load periods of from hours to days. Rusch (1960) and

Serdengecti and Boozer (1961) show that the duration of loading has a signifi-

cant effect on the moduli obtained for specimens tested in the laboratory. The

data presented in this chapter show that dynamic moduli are higher than static

moduli for field measurements.

Kitsunezaki (1965) suggests that a closer correlation of the two

moduli can be obtained if the dynamic modulus is calculated from the velocity

in the destressed zone. Because the plate jacking test essentially measures

the modulus of the destressed zone, this approach seems quite reasonable in

theory. However, surface velocity measurement from Carroll and Scott (1966),

Scott and Carroll (1967), and Wantland (1963) show that the surface zone veloci-

ties are quite erratic and are apparently not related to geologic estimates of

rock quality. In contrast, the deep zone velocities are related to the general

rock mass quality (Scott and Carroll, 1967). In addition, the moduli calculated

from surface velocity measurements are an order of magnitude lower than those

calculated from deep zone velocities. On the other hand, test moduli calculated

from surface deformations are generally about one-third to one-half of the

moduli calculated from measurements beneath the Jack plate.
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2. Comparison of In-Situ Dynamic and Static Moduli

Figure 13.1 shows a relationship between modulus of deformation from

static tests and the seismic modulus calculated from seismic velocities measured

at or near the test site. Figure 13.2 presents the relationship between the

modulus of elasticity and the seismic modulus. The scatter noted in both graphs

may be due, in part, to the variable quality of the tests reported. It appears

that much of this scatter is due to the relative size of the areas tested.

Seismic velocities are generally measured over intervals of from 10 to

over 100 ft. The dynamic modulus calculated for this interval is therefore an

average value for a large volume of rock. Plate Jack test moduli are largely

influenced by a few tens of cubic feet of rock directly behind the plate.

Therefore, it is not surprising that direct comparison of the dynamic and static

moduli from a number of sites presents a great deal of scatter.

Obviously, seismic surveys using much shorter geophone spacing would be

of great assistance in making these comparisons. The recorder resolution

required for such small scale seismic testing, however, is so high that the

testing would be a research effort rather than a standard engineering test.

Despite their limitations, Figures 13.1 and 13.2 provide a means of

estimating the in-situ deformation modulus or modulus of elasticity from seismic

tests. It is realized that such estimates should not be used in design without

some independent check of their validity. The correlations shown are valid only

for the sites used in this investigation.
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SECTION 14

THE RELATIONSHIP BETWEEN IN-SITU STATIC
MODULI AND ROCK QUALITY

1. Introduction

The graphs presented in Section 12 indicate that data from various

sites and various in-situ tests can be organized to determine the general char-

acteristics of in-situ rock deformation. The relationships between the static

modulus of deformation and modulus of elasticity, modulus in the vertical and

horizontal orientatior, modulus before and after grouting, and moduli deter-

miiad by different in-situ tests on the same site, suggest some of the factors

which determine the in-situ deformability of rock. However, none of the graphs

provide an adequate measure of the character of the rock itself. It is the

purpose of this section to show how the in-situ modulus changes with rock

quality measured by the RQD and Velocity Index.

The pronounced influence of rock quality on the in-situ modulus is

well illustrated by the plate jack test moduli obtained at Dworshak Dam (Shannon

and WIsun, 196h). These tests offer a unique opportunity to detPrmine the

influence of rock quality because the rock is lithologically uniform and the

tests were performed in a uniform manner. A total of 24 tests yielded moduli6

ranging from 0.7 to 10 x 10 psi. This range includes most of the in-situ

moduli reported in Appendix A.

It is apparent that increasing the number of tests without some measure

,f the rock quality for each test increases the uncertainty regarding the modulus

to b,. used in design. The use of an average modulus seems reasonable, but test

values showing moduli about one-fifth of the average might influence the engi-

neer to apply a large factor of safety at some point in his calculations. On

the other hand, the use of the minimum value for design might result in an

overconservative design.

Rock quality measurements may be assigned an even more important role

than comparing in-situ tests. If rock quality can be correlated with test

moduli, then the rock quality measurements can be used to estimate the deforma-

bility of the rock mass at any location accessible by exploratory borings. This

correlation would substantially reduce the number of in-situ tests required

while at the same time providing the design engineer with a Y'uch better picture

of the modulus variation within the rock mass.
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The Eseis to Ed and Ee relationships in Chapter 13 represent one

means of defining rock quality for this purpose. The relationships are, however,

of limited usefulness for two reas-ns. In the first place, the scale of the

seismic test is too large to define the rock quality at the static test site.

Secondly, the range of the static and dynamic moduli in these relationships is

the result of changes in both rock type and rock quality. The influence of rock

quality can be determined by expressing the dynamic characteristics in terms of

the ratio of in-situ to laboratory moduli, i.e., the Velocity Index.

2. Comparison of RQD and In-Situ Moduli

The RQD offers a method of determining rock quality which is inde-

pendent of laboratory tests. As core borings are part of the exploration

program on most major engineering projects, a correlation of in-situ test

results with RQD could be made for just the small cost of core logging by the

RQD method. The accuracy of the correlation between deformability and rock

quality depends upon the accuracy of rock quality determination at the test

site. For this purpose, a 10- to 20-ft core boring drilled behind the center

of the Jack pad is recommended.

Theoretical studies show that changes in stress because of a load at

the rock surface decreases rapidly with depth. Therefore, near surface frac-

tures have much more pronounced effect on the deflections measured than the

deeper fractures. For this reason, the RQD measurements should be weighted

according to depth. The data presented herein have been weighted by the

Poussinesq stress distribution beneath a point load on the surface of a semi-

infinite elastic media. Figure 14.1 (after Deere et al., 1967) shows the vari-

ations of the RQD with depth beneath a Jack plate and illustrates the weighing

technique used. The weighted RQD for the buried gage (depth 2 to 18 ft) is

81 percent corresponding to a deformation modulus of 6 x 106 psi. For the

surface gage determination, the effect of fracturing around the opening reduces

the RQD to 69 percent and a deformation modulus of 1.4 x 106 psi.

In Figure 14.2, deformation moduli from the Jack tests at Dworshak,

Te.achapi, Glen Canyon, and Yellowtail are plotted against the weighted RQD.

Figure 14.3 shows the same relationship for modulus of elasticity. Although the

relationships look promising as prediction charts, with correlation coefficients

of 0.665 and 0.648, respectively, they have the same limitation as the graphs of

Ed and E versus seismic modulus. The relationships can be used only at sites
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where the intact modulus of the rock is similar (3 to 10 x 106 psi). The limi-

tation of this type of correlation is illustrated by the following example.
6

Consider a sandstone with an intact modulus of 1 x 10 psi. Suppose that an

RQD of 80 percent is converted into a modulus estimate by using the relation-

ships in Figures 14.2 and 14.3. The estimated modulus of deformation is

2.8 x 106 psi. This value is obviously high by a factor of from 4 to perhaps 10.

3. Comparison of the Rock Quality Indices and Modulus Ratio

The limitations of Figures 14.2 and 14.3 can be avoided by normalizing

the deformability of the in-situ rock by that of the intact rock specimen. The

ratio of in-situ modulus and intact modulus is herein referred to as a Modulus

Ratio. The intact modulus may be determined either by a static or dynamic test.

Although a Modulus Ratio based on static field and laboratory tests is more

acceptable from a theoretical point of view, it may be advantageous in some

instances to define the intact modulus by using a dynamic test.

The dynamic modulus is determined from laboratory velocity measure-

ments by the relationship:

E P pV 2  (1+v( v (14.1)dyn p ( - V)

where p is the mass density, V the primary wave velocity, and v the value ofp
Poisson's ratio. The appropriate Poisson's ratio may be estimated from labora-

tory static measurements or field dynamic tests which measure both the primary

and shear wave velocity. Poisson's ratio is determined from velocity measure-

ments by using the relationships:

a = V/V s  (14.2)

and

= a 2 2 (14.3)

2(a - 1)

Figure 14.4 presents compressional and shear wave velocity measurements obtained

by 3-D sonic and seismic testing. The graph shows that Poisson's ratio deter-

mined by dynamic tests is normally in the range 0.10 to 0.33. A value of 0.25

is assumed to be typical.

Figure 14.5 shows the relationship between dynamic moduli and static

moduli for intact rock specimens from sites reported herein. The static moduli
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was defined by the slope of the tangent to the stress-strain curve at 50 per-

cent of the unconfined strength, Et5 0 (Deere and Miller, 1966). The coefficient

of correlation for all data is r = 0.766. An examination of the data shows that

the degree of correlation is lowered by the foliate rock samples which form a

near vertical band with a dynamic modulus of from 10 to 14 x 106 psi. The poor

relationship is probably caused by variations in the foliation which have a

significant effect on the static modulus but produce only minor changes in the

dynamic modulus. The dynamic moduli are higher than the static moduli due to the

difference in rate of loading and the load intensity. The dashed correlation

line was determined by considering only the nonfoliate rock samples. The corre-

lation coefficient for these samples is 0.916. Figure 111.5 shows that the

laboratory dynamic moduli are generally 1 to 6 x 106 psi higher than correspond-

ing static moduli. Modulus Ratios calculated from dynamic laboratory tests will

therefore be lower than those using static moduli. For this reason the two

types of Modulus Ratios should not be plotted together to develop a correlation

with rock quality. However, the relationship between the two laboratory moduli

is sufficiently good to use the two Mdulus Ratios to develop separate correla-

tion graphs.

The preceding discussion suggests the possibility -3f constructing a

number of graphs correlating rock quality and in-situ deformation. Two indices

of rock quality, RQD and Velocity Index, can each be related to four Modulus

Ratios, Ed/Et5O, Ed/E dyn, Ee/E t50 and Ee/Edyn . The moduli Ed and Ee are

respectively the modulus of deformation and modulus of elasticity of the in-situ

static test. The Edy n and Et50 are respectively the laboratory dynamic and

static moduli. Each of the RQD methods discussed in Section 3 have been com-

pared with the Modulus Ratios and it was concluded that the RQD with a base

length of 0.35 ft has a slightly superior correlation. The relationships

between RQD and the Velocity Index with the four modulus ratios are presented

in Figures 14.6 to 14.13.

The graphs using RQD to define rock quality (Figures 14.6 to 14.9) have

correlation coefficients ranging from 0.238 to 0.566, while the values for

Velocity Index ( Figures 14.10 to 14.13) range from 0.306 to 0.440. The

superior correlation for the RQD method is probably the result of the weighing

technique used in the RQD method and the fact that all seismic measurements

represent the average dynamic modulus of a rock mass much larger than the rock

affected by the static test. For this reason the graphs do not conclusively
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show that the RQD method is superior to the Velocity Index, but it is possible

to state that the RQD method is superior to the Velocity Index determined by

conventional seismic tests.

Three Jack test borings at Dworshak were logged by the 3D sonic

method in an attempt to obtain dynamic measurements on a scale representative of

the rock loaded by the jack test. The results of this logging are not included

in the Velocity Index graphs as the first useable measurements were obtained

when the sonde was five feet from the surface. As the first five feet are the

most critical, this sonic logger is not adequate for this type of testing.

A sonic sonde with a shorter transmitter-receiver spacing (possibly a foot long)

might provide the kind of detailed dynamic measurements required. Seismic uphole

and cross-hole measurements using short test intervals and high-speed recording

units might also provide the detailed dynamic measurements required.

Three of the graphs that compare RQD and various Modulus Ratios have

similar correlation coefficients. The graphs of E d/E t, E e/Et5, and E e/Edyn

(Figures 14.6, 14.7, and 14.9) have correlation coefficients of 0.544, 0.566,

and 0.548, respectively. In each case the correlation line starts near a Modulus

Ratio of 1.00 and an RQD of 100 percent and extends to a modulus ratio of zero

and an RQD of approximately 60 percent. It appears that any one of the three

Modulus Ratios can be used with RQD measurements.

14. The Deformation Ratio

The ratio of elastic deformation to total deformation determined from

the load-deformation curves of static test, herein termed the Deformation Ratio,

is suggested by Deere et al. (1967) as an index property of the rock mass. This

property cannot be used to predict in-situ moduli, but it can be useful in com-

paring in-situ test results. In Figure 14.14 the deformation modulus is plotted

against the Deformation Ratio and in Figure 14.15 the modulus of elasticity

versus the Deformation Ratio is given. Both graphs contain data from plate Jack

tests at Dworshak, Tehachapi, Two Forks, and Yellowtail. A good relationship is

noted in each case, but correlation for the modulus of elasticity is superior.

Figures 14.16 and 14.17 are plots of Ed versus Deformation Ratio and Ee versus

Deformation Ratio, respectively, for additional testing reported in the liter-

ature. Considerable scatter is found in each of these graphs, but there is some

indication of zoning by rock type. These relationships show thdt as the rock
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quality and in-situ modulus increase the elastic deformations form a greater

portion of the total deformation measured in an in-situ test.

The deformation ratio may be useful in two ways. First, it can provide

a means of comparing static tests. If the majority of tests show a consistent

relationship between the calculated modulus and the deformation ratio, tests

falling outside this trend might be checked for inadequate site preparation

equipment malfunction, or incorrect data analysis. In addition, correlations

between the other rock quality indices and the deformation ratio might be of

assistance in estimating the long term deformation characteristics of the rock

mass. Figure 14.18 is a graph of the Deformation Ratio versus RQD for Dworshak,

Tehachapi, Two Forks, and Yellowtail. The fair correlation between the Deforma-

tion Ratio and the RQD indicates that the RQD could be used to estimate the

plastic deformation caused by long-term loading and possibly the set caused by

cyclic loading.
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SECTION 15

MEASUR1ENT OF DEFORMATION CAUSED
BY ENGINEERTNG STRUCTURES

1. Introduction

Deformation adjacent to engineering structures is measured to deter-

mine if foundation deformations are within design assumptions, and to gain

advance warning of hazardous conditions indicated by large deformations or

increases in the rate of deformation. Many large concrete dams have instruments

within the dam or the foundation for measuring deformations and displacements.

A few large buildings are now being instrumented for this purpose. Displacements

are also measured in deep excavations such as spillways dams, and the walls of

large underground openings such as machine halls, power plants, and defense

structures.

The deformations of in-situ rock caused by engineering structures

provide the ultimate test of the validity of in-situ static test results. After

examining methods of measuring deformation associated with structures, a summary

of comparisons between the moduli calculated from observations in and beneath

the structure and in-situ test moduli is presented.

2. Deformation Measurements Within the Structure

a. Absolute Displacement Measurements - Geodetic Method

The geodetic method is essentially the application of precise surveying

techniques to determine movement of structures or rock surfaces. Horizontal

movements are determined by precise triangulation, and vertical movements are

measured by leveling. The position of fixed points is determined with precision

from 0.5 to 1.0 mm, and the relative position of fixed points from 0.2 to 0.11 mm.

The major problem in using this technique at some sites is the diffi-

culty of finding a fixed point from which the absolute movements can be measured.

In the case of large dams, it has been found that the loads imposed by the

reservoir can cause deformations which extend well beyond the site. At Sakuma

dam, which created the largest reservoir in Japan, significant deformations

caused by the dam and reservoir were measured two kilometers from the site by

using a bench mark five kilometers away (Japanese Iational Committee on Large

Dams, 1958). The measurement of absolute deformation within an underground
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opening is often impractical because movements associated with the formation of

the destressed zone make it difficult to establish fixed bench marks. Absolute

displacements can be measured by establishing a bench mark outside the under-

ground opening (Dodd, 1967) or by using fixed reference points in drill holes

behind the destressed zone (Cording, 1967).

The geodetic method is very precise, but the time consuming calcula-

tions required somewhat limit its application. The use of automatic data

processing promises to extend the usefulness of this technique.

b. Relative Displacements

The most commonly mentioned instruments for measuring relative dis-

placement are strain meters, pendulums, and collimeters. Collimation uses a

narrow beam of light aimed at a fixed or movable target to accurately measure

relative movements up to several hundred feet. Pendulums in vertical tubes

extending from the crest to the heel of a dam can be used to note lateral move-

.ments. Strain gages placed within the concrete or spanning joints in the con-

crete are used for the stress distribution within the structure.

3. Deformation Measurements Within the Rock Mass

The most use: l measurements to the rock mechanics engineer are those

made near the base of the dam by instruments buried in the foundation rock or

spanning the concrete-rock contact. The Bureau of Reclamation has used three

types of deformation gages in monitoring foundation deformations at Davis,

Yellowtail, and Glen Canyon dams (Rauch et al., 1965).

At Davis Dam, mechanical deformation gages were installed in NX borings,

from a gallery in the base of the dam to a depth of from lh to 256 feet. The

thickness of concrete and rock in these holes was not given. Each boring was

cased to within a short distance of the bottom so that foundation grouting

would not affect the measurements. The deformation gage consisted of the follow-

ing: (1) an anchor in the form of a pipe reducer, (2) a three-fourth inch

galvanized gage pipe, and (3) two gage heads. The gage pipe spanned the inter-

val from the grouted anchor at the bottom of the hole and the floor of the

gallery. One gage head was attached to the top of the gage pipe while the other

was attached to the gallery floor. A precision dial gage was used to measure the

gap between the gage heads.

This installation was simple, relatively inexpensive, and seemed to

give consistent readings. Its major disadvantage was that concrete deformations
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were included in -all readings, and it was not possible to evaluate rock deforma-

tions accurately.

To overcome this disadvantage of the Davis Dam installation, the

Yellowtail gages employed a Carlson jointmeter instead of a dial gage so that

the entire gage could be installed in a foundation boring. The gages were

mounted in uncased NX borings 20, 40, and 60 ft deep, with the jointmeter

grouted in the boring just below the rock surface. The jointmeter cables pass

through the concrete to measurement stations in the lower galleries of the dam.

This type of installation also gave consistent readings except for one gage which

showed exceptionally low deformation. It is likely that the gage hole was at

least partly filled by the foundation grouting and the readings are not repre-

sentative of deformations within the rock.

In the abutment tunnels at Glen Canyon Dam, the Bureau of Reclamation

used specially mounted surveyor's tapes to measure the lateral deformation

caused by the thrust of the dam. One end of the tape was fixed solidly to the

wall of the tunnel. The other end was attached to a spring loaded yoke which

was constructed so that a constant tension in the tape would be maintained

despite changes in the distance between the two supports. Measurements from

this type of installation were used to determine if grouting of the joints

between monoliths was required.

Rock movements adjacent to underground openings can be measured by

devices similar in principle to deformation gages. As the movements represent

an increase in rock volume, i.e., the movements are positive, the devices are

commonly called extensometers.

The simplest form of an extensometer consists of a gage rod anchored

at the end of a boring and extending to the wall of the tunnel. At the wall,

the rod passes into a gage head which is a short cylinder wedged or grouted in

the end of the hole. Because the outer surface of the gage head is used as a

reference for displacement measurements, it is normally machined. The gage rod

is cut so that its outer end is within gage head and accurate measur,-ments of

its position can be made with a feeler gage.

This type of installation is inexpensive and rugged enough to be

reliable even in a construction area. One limitation of this type of gage is

that the displacements can be obtained from only one gage length. If the dis-

placements at several depths are required, a group of extensometers of various

lengths must be installed.
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The multiple position borehole extensometer (MPBX) marketed by

Terrametrics Inc., was developed to allow measurement of displacement on several

gage lengths in the same bcring (Hartman, 1965). The instrument consists of

8 flat wedge-spring type anchors connected to the surface by high modulus wires,

and a measuring head containing 8 stainless steel cantilevers. The device is

installed so each anchor is attached to one cantilever and the cantilevers are

prestressed so that both positive and negative movements can be recorded. Move-

ments of the cantilever are measured by linearly variable electrical trans-

ducers. The instrument is capable of measuring movements of plus or minus

0.4 inch with a sensitivity of 0.001 inch. The anchors may be set at any depth

up to 200 ft.

A second type of multiple-position extensometer was developed by the

Slope Indicator Co. of Seattle, Washington, and Professor D. U. Deere of the

University of Illinois for measuring displacements in underground openings at

the Nevada Test Site (Cording, 1966). The instrument uses 4 to 6 grouted

anchors connected to the surface by steel wire. At the surface each wire is

connected to a potentiometer pulley through a constant tension spring. The

advantages of this instrument are constant cable tension and a measurement

range of 2 inches.

4. Comparison of Deformation Moduli from In-Situ Tests and Observations of

Structures

While-the literature provides an abundance of deformation records, very

few articles present modulus values and compare them with in-situ test values.

Possible reasons for this are explained in the following paragraphs.

While it is comparatively easy to obtain deformation measurements

which show the vertical and horizontal movements of the monolith of a dam or

the inward movements of the walls of an underground opening, it is difficult to

obtain more than an estimate of the loads which caused the deformation. In

the case of a monolith of a dam, a number of forces other than the weight of the

concrete can be responsible for the movements. The thrust of the water behind

the dam is an obvious factor which has to be considered. In most cases, this

force is variable as the reservoir level fluctuates because of changes in run-

off or water supply demands. In a structure as large as a dam, the thermal

changes can also cause significant movements. Finally geologic factors such as
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rock mass movements and earthquakes can produce movements of the structure

which are difficult to evaluate.

A second complicating factor is that structures are- generally rigid

and the differential settlements observed do not fully represent the relative

compressibility of zones in the foundation. As the more compressible areas

begin to deform under a uniform loading, a part of the load is shifted to the

less compressible zones. Unless this stress redistribution can be estimated,

the modulus of the poor zones will be overestimated and that of the good zones

will be underestimated.

Despite these problems some comparisons are presented in the liter-

ature. Figure 15.1 shows the computed modulus from displacement observations

of structures versus modulus of deformation from field tests. (See Appendix A,

Sites 85, 87, 88, 90, 91, 93, 94, 95, 97, 99). Over half of the field test

moduli are within plus or minus 100 percent of the calculated moduli. In most

instances, this accuracy is sufficient. Three of the four plate Jack values

underestimated the deformability of the foundation and design based on these

tests would be conservative. The one pressure chamber value underestimates the

foundation modulus by a factor of five. Borehole deformation tests are the

most numerous test type on the graph and, also, the most consistent with the

foundation moduli. However, several points show that the test may give values

higher than the calculated foundation modulus. The two seismic tests over-

estimated the foundation modulus by a factor of three to four.

Although the data presented is very limited, the test moduli are

zoned as was suggested earlier. In the order of increasing values of modulus,

the pressure chamber value is one of the lowest, the plate Jack modulus next,

followed by borehole deformation values, and the seismic moduli are the highest.

The foundation modulus is in the range between the borehole deformation and

plate Jack moduli although the data are too few to allow for meaningful com-

parisons.

Displacements measured in underground openings are summarized in

Table 15.1. In general, the displacements are much greater than the movements

predicated from elastic theory. Cording (1966) shows that the movements observed

include an elastic portion which is approximately equal to displacements pre-

dicted by elastic theory, and both shallow and deepseated displacements along

geologic discontinuities which are often an order of magnitude larger than the

elastic movements. Static in-situ tests can predict only the elastic part of

these deformations and would, therefore, predict the minimum displacements.
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SECTION 16
CORRELATION OF ROCK QUALITY AND RATE OF

CONSTRUCTION OF TUNNELS

1. Introduction

The rate of construction of tunnels is important to-both project

designers and contractors. The designer must be able to estimate the rate of

construction in order to plan completion dates for other portions of the project.

Contractors must be able to estimate the rate of construction in order to plan

equipment and personnel requirements. Both groups presently estimate the rate

of progress on the basis of past experierce, and a qualitative estimate of the

rock conditions to be encountered. Conservative estimates are the rule because

of the high degree of variation between projects, both in the quality of the

rock encountered and the construction techniques used.

The projects considered in this section are tunnels driven by con-

ventional drilling and blasting techniques. Tunnels driven by large diameter

drills or moles and large underground openings excavated in stages are beyond

the scope of the present study.

The conventional method of driving underground openings consists of

five steps: (1) drilling, (2) loading, (3) blasting, (4) venting, and

(5) mucking. The dntire sequence is called a round. The drilling step is the

most important as it determines to a great extent the success of the round.

The number, depth, and spacing of holes drilled depends upon the size of the

opening and the ability of the blast to loosen the rock efficiently. A drilling

pattern may consist of from 20 to well over 100 holes with the holes ranging

in depth from 5 to 12 ft. An efficient round will break the rock to within 1 ft

of the back of the holes. Therefore, the advance per round should be just a

little less than the length of the drill holes. In the loading step, explosives

and primers are connected by lead wires to the detonator a safe distance down

the tunnel. The charge is set off and the tunnel is vented (usually by forced

air circulation) until the workers can return to the face area. The fifth and

final step is the removal of the debris or muck created by the blast. Installa-

tion of supports is generally done during the drilling step of the next round.
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The rate at which the face of an underground excavation can be

advanced depends upon the time required to cbolete the- five steps and- the

length of the round., Both the length of the round and the efficiency of the

cycle depend on the quality of the rock mass. In higher quality rock, the

support systems are less complex, and therefore, there is less interference in

the cycle.

However, the rate of advance also depends upon other factors not

related to the rock quality. The size of the tunnel limits the amount of

working room at the face and, thus, determines the size of the crew and the

type of-drilling and mucking equipment which can be used. Tunnel size also

determines the amount of drilling required. The time required for each round

is also controlled by the capacity of the equipment used and the proficiency of

the crews.

On sites where the rock quality changes rapidly, the ability of the

contractor to change his blasting and support techniques can have a pronounced

effect upon the average rate of advance. The contractor's response time to

changing rock conditions is certainly influenced by his experience and the

variety of equipment and supports he has on hand. The most important factor,

however, is the accuracy of predictions of the rock quality ahead of the working

face.

With such a variety of factors influencing the rate of advance, the

job of estimating rates of construction requires considerable experience and

judgment. If the quality of the rock mass could be expressed quantitatively,

it would provide a frame of reference to aid in making these predictions, and

would assist in evaluating the effectiveness of a construction technique at

different sites. This section presents three case histories: (1) a shaft in

metamorphic rock, (2) two tunnels in gneiss, and (3) a pilot tunnel in granite

and metamorphics. In each case, the rock quality is compared with the rate of

advance.

2. Case History No. 1: Shaft in Schist, East Coast

This site provides an excellent opportunity to compare rate of con-

struction with RQD. The upper 475 ft of the 16 ft diameter shaft followed an

NX exploration core boring. Construction records provided information on shaft

progress and type of construction operation for each shift. The case history
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is even more useful because the shaft was driven in a wide range of rock

qualities (poor to excellent) using similar sinking techniques.

The shaft was sunk by conventional drilling and blasting in schist

using rounds that ranged from 4 to 6 feet. Temporary supports were limited to

occasional timbers and rock bolts in bad areas as a permanent concrete lining

poured in 20-ft sections was maintained as close as possible to the working face.

The first 275 ft of the shaft was driven in essentially dry rock of

fair to good quality. The rate of sinking was fairly high. Below this level,

zones of poor rock were encountered and with these zones, considerable ground-

water inflow. Flows up to 350 gpm are shown in the construction records. The

poor zones were generally at the contacts of pegmatite intrusions where the rock

was crushed and altered and the adjacent rock sheared. On four to five occasions

during the shaft sinking, the groundwater inflows could not be controlled by

pumping, and it was necessary to stop sinking operations in order to grout the

rock below the working face. Holes up to 40 ft deep were drilled below the

working face and grouted to consolidate the zone ahead and seal off lateral

flow. A pad of concrete up to 4-feet thick was poured in the bottom of the

shaft to provide a seal for the grouting.

A comparison of rate of construction and rock quality was made for

50-ft intervals of the shaft. Fifty-foot intervals were chosen to obtain a zone

short enough to be described adequately by an average RQD but long enough to

obtain significant values for rate of advance. Figure 16.1 is a plot of RQD

and the average rate of advance in feet per shift using the total number of

sinking and grouting shifts in each fifty-foot interval. A good correlation

(r = 0.743) between the rate of progress and rock quality is obtained with the

rate decreasing from nearly 2 ft per shift at an RQD of 94 percent to about

0.5 ft per shift for an RQD of 44 percent Figure 16.2 is a plot made from the

same data with the exception that the ratt. is calculated by using only the

shifts required for sinking operations. In this case, a significant increase

in the correlation is noted (r = 0.888) as only one type of construction

operation is included in the calculated rate. Figure 16.3 is a plot of the same

rock quality values versus the number of grouting shifts per 50-ft interval.

A negative correlation, r = -0.726, is obtained showing that rock of higher

quality requires less, if any, grouting. The scatter in this plot indicates
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that rock quality indices can only approximate the degree of openness in a

rock mass, which, in this case, is measured by the time spent in grouting

operations.

3. Case History No. 2: Tunnels No. 1 and No. 2, Tehachapi Project, California

These tunnels are part of a series of underground openings at the

southern end of the California Aquaduct designed to carry the water from the

San Joaquin Valley to the Los Angeles area. The geology of the two sites is

similar, namely, a crystalline complex of diorite gneiss. The gneiss is

variable ranging from a relatively sound rock with a wide joint spacing to

intensely fractured and altered rock.

Each tunnel was driven full face by conventional drilling and blasting

techniques. Tunnel No. 1, which is 21 ft high, was driven using rail-mounted

equipment. The average round consisted of 73 drill holes which varied in depth

from 4 to 10 ft.

Tunnel No. 2, which is 28 ft high, was driven full face using rubber-

tired equipment. In zones where the rock was suitable for rock bolt support,

the drilled depth was 10 to 11 ft and the average round consisted of 125 holes.

In the sections supported by steel ribs, the number of holes was the same, but

the length of the round was varied from 4 to 7 ft to accommodate steel sets on

3- to 6-foot centers.

The rock quality at the two sites was approximated from the number of

joints observed in the tunnel wall because core borings were not available to

measure the RQD. Figure 16.4 shows the relationship between the rock quality

based on average joints per ten feet versus the average rate of advance

expressed in feet per shift. Although there is considerable scatter in the

data from both sites, the rate of tunneling generally increases as the joint

frequency decreases. The average lines are approximately parallel with the line

for tunnel No. 2, about eight feet per shift higher than the average line for

tunnel No. 1. The higher average rates experienced in tunnel No. 2 are appar-

ently due to the greater mobility of the rubber-tired equipment.

4. Case History No. 3: Straight Creek Tunnel Pilot Bore, Colorado

An extensive exploration program was conducted by the Colorado

Department of Highways and the U.S. Geologic Survey at the Straight Creek

Tunnel site approximately 55 miles west of Denver. The program included

205



16 0

0, 0

00

0 
0

03

00

44

4S

0 -

4 6 a 10 12 14

Average Joints /10 f t of Tunnel Wall

0 Tehochapi Projec~t -Site No. I
0 Tehachapi Project -Site No. 2

FIG. 16.4 COMPARISON OF RATE OF ADVANCE AND
JOINTS/lOFT, TUNNELS AT SITES NO. I AND 2,
TEHACHAPI PROJECT, CALIFORNIA.

2o6



surface mapping, mapping of a pilot bore approximately 13 feet in diameter and

8,300 long, and geophysical measurements. The geophysical measurements consisted

of seismic and resistivity measurements in the tunnel and in exploration borings

along the tunnel right-of-way.

The geology of the site is quoted from Scott and Carroll (1967),

Results (of the surface geologic mapping program) indicated that
the bedrock in this area consists chiefly of Precambrian granite
(about 75%) with inclusions of Precambrian metasedimentary rock
(about 25% composed of biotite rich gneiss, schist and migmatite),
and a few small dioritic dikes of probably Tertiary age. The
bedrock is extensively faulted and sheared and is locally altered.

Underground geophysical measurements were performed by the U.S.

Geological Survey. Electrical resistivity and seismic refraction measurements

were made at locations chosen to represent the full range of rock quality present

in the pilot bore. The rock was given a quality designation 1 through 5 with 1,

representing rock of highest quality nearly free of fractures and mineral

alteration, and 5, the lowest quality characterized by intensive fracturing

and severe mineral alteration. The criteria used for determining the exact

classification are: (1) fracture spacing, (2) mineral alteration, percent of

rock, (3) faulting, (4) foliation of schistosity, and (5) rock type. The

criteria are listed in the descending order of importance. Criteria 1 and 2

are quantitative and 3 through 5 are qualitative.

Details or the seismic measurements are quoted from Scott and

Carroll (1967).

Underground seismic measurements were made with high resolution,
ten channel refraction seismic equipment capable of detecting
energy in the frequency range of 10 to 4000 cycles per second.
Accelerometers used to detect the seismic energy from explosive
energy sources were placed along the tunnel walls about 4 feet
above the floor in linear arrays that were about 200 feet long.
Spacing between accelerometers ranged between 5 ft to 25 ft.
Small explosive charges (0.1 pound dynamite) were detonated in
one foot deep shot holes drilled into the rock at both ends
and at the midpoint of each array of ten accelerometers.
Seismic energy was recorded on photo sensitive paper by means
of an accelograph having a speed of 250 inches per second.

Details of the resistivity measurement are quoted from the same source.

Underground electrical resistivity measurements were made with
conventional Gish-Rooney equipment and special sponge-rubber
electrodes impregnated with a mixture of brine and bentonite
to provide good electrical contact with the rock exposed along
the walls and the pilot bore. Measurements were made in the
Wenner electrode configuration with electrode spacing expanded
from 1 to 30 feet in a step-wise manner keeping the array
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symmetrical about a center point and parallel with the tunnel axis.
This procedure provided a means of interpreting resistivity
layering from the surface to the depth of ten feet or more.

The seismic measurements show that the destressed zone around the

tunnel has a velocity of 4,200 to 10,800 fps and a thickness of less than 1 to

17 ft. The velocity behind the destressed zone ranges from 13,750 to 20,150 fps.

The resistivity measurements shows that the destressed zone has a relatively

high resistivity ranging from 60 to 5,300 ohm-meters and a thickness of from

less than 1 ft to about 10 ft. The very high resistivity is partly attributed

to moisture losses by evaporation at the tunnel walls. The rock behind the

destressed layer has a resistivity range of 36 to 2,200 ohm-meters.

The electrical resistivity and seismic velocity measurements have been

related to the rate of construction and the cost. per foot of tunnel. These cor-

relations are shown in Figure 16.5. The cost per foot was calculated assuming

a constant average cost per day. The authors comment that this assumption is

not completely valid, but is sufficiently accurate for this analysis. Each

graph contains the best fit lines, standard deviation lines, standard error,

and correlation coefficient.

The seismic velocity and electrical resistivity used in these corre-

lations are those deep layers behind the destressed zone. The authors state

that the values were used in preference to those of the destressed zone to

obtain more consistent correlations, and because geophysical tests to predict

the engineering properties of the rock mass would be performed on relatively

undisturbed rock ahead of the tunnel face.

The relationship between electrical resistivity and rate of construc-

tion is on the same order as the RQD versus rate of construction for case history

No. 1. From the number of data points, it may be concluded that a fairly

representative portion of the adit has been tested. The relationship for seismic

velocity versus rate of construction (r = 0.995) is exceptionally good; however,

it should be noted that it contains only five points, a rather small sampling.

5. Summary

The three case histories show a fair to good correlation between rock

quality expressed by RQD, fracture spacing, or geophysical measurements and the

rate of construction. Case History No. 1 indicates that the rate of construction

in Fair to Poor quality rock is approximately one-half that in Excellent rock.

The average trend of data presented in Case History No. 2 show that the rate of
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advance may increase 50 to 200 percent as the jointing decreases from 10

joints per 10 ft to 6 joints per 10 ft. The data from Case History No. 3

indicate a doubling of the rate of construction when the electrical resistivity

changes from about 50 to 2,000 ohm-meters and when the seismic velocity

increases from 14,000 to 20,000 fps. The seismic velocities can be expressed

as a Velocity Index by assuming the intact velocity is 20,000 fps. The rate

of construction increases by 100 percent when the Velocity Index increases

from 0.49 to 1.00. The data, therefore, indicate the same relative increase

in construction rate using three methods of measuring rock quality. It should

be noted that the data presented is limited to sites in metamorphic rock, and

the actual rate of advance depends on the geologic conditions and method of

construction.
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SECTION 17

CORRELATION OF ROCK QUALITY AND SUPPORT REQUIREMENTS
FOR UNDERGROUND OPENINGS

1. Introduction

The supports installed during the excavation of an underground opening

may provide only temporary support to avoid rock falls cr they may be designed

to become part of the permanent structure. On civil engineering projects, many

of the temporary supports are integrated into the finished support system.

Support systems used in underground works include one or more of the following

types: (1) wooden framing, (2) steel ribs, and (3) rock bolts.

Until a few decades ago, wooden supports were the major type of

support used in both mining and civil engineering. Today, steel supports have

replaced wood except in support of small openings. Wooden supports have the

advantage of high flexibility, that is, the beam can deform as the rock moves

into the opening. Also, they are constructed on the site and, therefore, can

be easily fitted to the contour of the rock. In addition, they give visible

and audible evidence- of high loads well before the supports fail. At many

sites, timber supports have the advantage of low material cost.

Wooden support systems have, however, many important disadvantages

that are largely responsible for the change to steel supports in recent years.

Timbers have very low strength and low resistance to bending over long spans

which necessitate the use of numerous joints in constructing ribs for large

diameter tu nnels. Because skilled workmen are required to construct large

wooden supports, the high installation costs can make wooden supports uneconom-

ical in spite of low material cost.

Proctor and White (1946) present an excellent summary of types of

steel support and their application. The simplest form of steel support is a

horseshoe-shaped support or set consisting of two curved pieces bolted at the

crown of the opening. For wider spans, the set consists of four pieces bolted

at the crown and each springline of the tunnel, i.e., the point where vertical

tunnel walls meet the base of the tunnel arch. In zones where lateral loads

must be resisted a steel beam, called an invert strut, is placed between the

legs of the set at floor level to prevent inward movements. In cases of even

more severe lateral forces, a circular tunnel cross-section is used and the
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steel supports are ring beams consisting of four or more sections. Because the

cross-section of tunnels driven by conventional blasting techniques is irregular

and the steel ribs must be rolled to some predetermined shape off the site, it is

necessary to place lagging and blocking between the steel and the rock to ensure

that rock loads are carried by the steel before excessive rock movements occur.

Wood or steel beams spanning two or more sets are commonly used to obtain this

contact. If the tunnel is to be concrete lined, much of the wood lagging may be

removed before the lining is poured to reduce the danger of a failure of the

lining due to decay of the wood.

An even more recent innovation in underground support is the introduc-

tion of steel bolts to supplement or replace steel supports. The rock bolt

support system works on a different principle than either wooden or steel

supports which resist inward rock movements by their structural rigidity. Rock

bolts utilize the fact that the rock behind the destressed zone has significant

load carrying capacity. The bolts provide a structural link between loosened

rock in the destressed zone and sound rock behind. The bolts, commonly 5 to 50

ft long, are anchored in borings commonly drilled perpendicular to the tunnel

wall. The end away from the tunnel must be anchored securely in the sound rock

while the end at the tunnel wall must have a bearing surface sufficiently large

so that local failures will not allow the supported block to break loose. Bolting

one block can support several adjacent blocks if the shape of the bolted block

allows it to act as a keystone. Rock bolting stratified rock apparently creates

a beam in much the same manner as nailing wooden planks together. In fractured

rock the rock bolt appears to reduce the rock movements by increasing the normal

load and hence the frictional resistance along the discontinuities.

The effectiveness of a rock bolt installation depends primarily on the

strength of the anchor. The bolt may be anchored by a wedge flaring the slotted

end of the bolt as the bolt is driven against the end of the hole or by means of

an expanding sleeve. These techniques are effective in high strength rocks. In

low strength or highly fractured rock, a grouted anchor is most effective as the

load is distributed over a larger area.

The rock at the tunnel wall is held in place by means of a bearing

plate about 6 to 8 inches square held in turn by a steel nut. The load developed

in the bolt may be estimated by the torque applied to the nut. The load, however,

can be measured directly by tensioning the bolt by means of a hydraulic Jack. In

this case the nut is merely snugged against the bearing plate and the Jack removed.
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A continuous support system is obtained by installing the bblts in a

pattern with a vertical and horizontal spacing of from 3 to 10 feet, and by

placing straps or wire mesh around the bearing plates. The purpose of the straps

or mesh is to extend the retaining power of the bolt to adjacent rock blocks to

prevent or limit rock movements that would lead to additional destressing of the

rock wall.

Rock bolting has several advantages over steel or wooden rib supports.

The first is that rock bolts can be installed closer to the face of the excavation

than steel ribs because they are less susceptible to blast damage. This results

in less destressing of the rock and, consequently, fewer stability problems. Rock

bolts are placed in direct contact with the wall, therefore, the lagging is not

required. Finally, unlike rib supports, they present no obstacle to construc-

tion activities.

Until recently, it was impossible to determine quantitatively the loads

on support members. The magnitude of the load could only be estimated from the

deformation of steel ribs or wooden beams and lagging. For this reason, the

design of support members was quite conservative in order to minimize the number

of failures. Recent measurements, reported by Hartman (1965) provide a more

complete picture of the load history of tunnel supports. These measurements were

obtained from load cells mounted in steel sets, rock bolts, and extensometer

installations. They provide the following information about the behavior of rock

in the tunnel walls: (1) Rock movement indicating redistribution of stresses

normally begins well in front of the excavation face. (2) Stress redistribution

within the rock mass does not take place suddenly, but extends over a period of

time measured in hours to weeks, and during this redistribution time, high

stresses are placed upon the support system. They are accompanied by rock mass

movements of the order of one-half to one inch. (3) Once the destressed zone has

formeQ the pressures on the supports are much lower than during t1:9 redistribu-

tion process. (4) Lateral pressures existing in shear zones may be four or more

times the vertical pressure. (5) In places where the joint spacing is less than

one tenth foot, and where appreciable quantities of clay materials have formed

due to alteration, a relatively long stabilization period is observed.

Hartman states that the rock loads measured in steel sets during the

formation of the destressed zone are often cyclic. The loads generally increase

until the support deflects and then it drops abruptly. In time the load

increases again until the rib deflects a second time or the full development of
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the destressed zone causes it to decrease. He comments that this behavior is

probably the major cause of disagreement between contractors and owners over the

amount of support used in an opening. The contractors' personnel are most

interested in s.pport requirements while the destressed zone is forming. The

owners representatives, who are rarely at the tunnel face, often feel that the

contractor has been overly conservative in placing the supports.

From the above, it can be concluded that the amount of support required

depends on the extent of the destressed zone. The size of the destressed zone

depends on the initial state of stress in the rock mass, the quality of the rock,

and construction techniques. It has been found that the in-situ state of stress

cannot be quantitatively determined without field testing, and can only be

estimated from the geologic conditions (Deere et al., 1967).

Because support requirements cannot be accurately predicted, many

extraneous factors influence the decision concerning the type and spacing of

supports. The contractor, for instance, may be overly conservative in the number

of supports used if he has a good price for supports. He may also use a con-

servative approach if the rock quality changes frequently, and prefer to continue

all the way with the supports required for the poorest rock encountered. On the

other hand, the designer may be overly conservative in the support system he

requires if rock movements would endanger other structures.

This discussion shows that the prediction of support requirements is

complicated by factors that are difficult to evaluate before construction and

even in a well documented case history. It is evident that rock quality is only

one of several factors which determine the amount of support used. However, a

quantitative measure of rock quality should simplify the problem of comparing

and predicting support requirements.

2. Case History No. 1: Tunnels 1 and 2, Pigeon River, North Carolina

In the early 1950's the North Carolina Highway Department began con-

struction of a road between Ashville, N. C. and Knoxville, Tenn. The route fol-

lowed, in part, the Pigeon River in Pisgah National Forest to the North Carolina

state line. A major construction feature of this route is a tunnel, herein, to

be called tunnel No. 1. The tunnel is a horseshoe-shaped opening with an over-

all height of 27 to 28 ft, a width of 30 ft, and a length of about 1,000 ft.

It was driven through a 1400-ft high ridge of quartzite which contains some

thinner layers of siltstone and phyllite. The tunnel was driven without
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difficulty and was entirely unsupported. After the tunnel was completed, the

right-of-way was designated as part of future Interstate route No. 40, and the

North Carolina Highway Department halted construction.

Several years ago, work on the Interstate route commenced. Tunnel

No. 1 which had stood for ten years without maintenance and without support was

found to be in excellent condition. The tunnel was largely dry except for some

minor seeps from small shear zones near the souich portal.

At this time, tunnel No. 2 was started four miles to the south of the

first tunnel. It had a similar cross-section, and length, and the rock was

apparently similar to that at the site of tunnel No. 1. As exploration borings

at the site of tunnel No. 2 had an average core recovery of 90 percent it was

concluded that only local support would be required.

During portal operations, a major slide caused a considerable delay

in construction. When the tunnel had been driven a short distance from the

portal area, it became apparent that heavy support would be required. Steel ribs

8 x 9 in. were used throughout the tunnel o:i spacing ranging from h to 6 ft.

In the design studies for a third tunnel a reassessment was made of

the engineering geology at the two tunnels and the reasons for the construction

problems. The geology of the two sites was mapped and RQD logs of the borings

at tunnel No. 2 and recent borings at tunnel No. 1 were recorded. This investi-

gation shows that the unsatisfactory behavior in tunnel No. 2 is caused by a

combination of effects (Deere and Patton, 1965): (1) A prominent series of

joints strikes subparallel to the entire length of tunnel No. 2 while joints at

site No. 1 cross the tunnel alignment at a high angle. (2) The joints at

tunnel No. 2 are much more persistent and more closely spaced than those at

No. 1. (3) Clay seams, rock alteration and staining created by weathering

are much more common along joints and shear zones at site No. 2. (4) There

is considerably more water at the second site. (5) Although the lithologies are

somewhat similar, the pi, 'rtions are different. At site No. 1, quartzite is

dominant with only thin zones of slate and phyllite. At site No. 2 the quartz-

ite percent is reduced while the other rock types increase. (6) The average

RQD for 6 borings at site No. 1, the unsupported tunnel, is 87 percent while

the average RQD for an 89-ft interval from a boring at site No. 2 was 29 percent.

The RQD at each site expresses quantitatively the rock quality shown

by qualitative geologic observations, and provides a comparison which corresponds

to the engineering properties of the sites. In contrast the core recovery which
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averages about 95 percent at tunnel No. 1 and about 90 percent at tunnel No. 2

is apparently insensitive to the geologic factors which determine the engi-

neering properties of the two sites.

3. Case History No. 2: Tunnel No. 3, Tehachapi Project, California

Geology of this tunnel and construction procedures are similar to

Tehachapi Site No. 1 described in Section 16. A portion of this tunnel is

ideally suited for this investigation as a 180-ft section of the tunnel was

explored by means of a horizontal NX core boring before construction. Addi-

tionally, the contractor tailored the supports to the quality of the rock.

Figure 17.1 is a plan view of this section of the tunnel showing the rock

quality expressed by RQD and joints per 10 ft and the supports used. Rock bolts

are used where the RQD is greater than 50 to 60 percent while steel sets are

required where the RQD is less than 50 to 60 percent. In contrast the joint

frequency does not indicate a significant difference between bolt-supported and

steel-supported zones. This observation suggests that the RQD is more sensitive

than joint frequency to the geologic factors that determine support requirements.

4. Case History No. 3: Straight Creek Tunnel Pilot Bore, Colorado

The geology and testings at this site are described in Section 16.

Although on-site investigations were not performed during this study, geologic

and tunnel support maps obtained from the Colorado State Highway Department are

used to compare rock quality and support used. In their report of the Straight

Creek site, Scott and Carroll (1967) present a relationship between rock quality

measured by electrical resistivity and seismic velocity of the deep layer shown

in Figure 17.2. The resistivity measurements are more numerous than seismic

measurements and the correlation coefficient r = 0.827, probably indicates the

amount of scatter to be expected in this type of analysis. Although there is

considerable overlap in the resistivity measurements for the 2-ft and 4-ft

spacing, the trend of increasing set spacing with increasing electrical

resistivity is apparent. The seismic velocity versus set spacing has a corre-

lation coefficient, r = 0.985, but unfortunately there are not enough measure-

ments to determine if seismic velocity is superior to electrical resistivity

in predicting support requirements.

A geologic map and profile obtained from the Colorado State Highway

Department shows the tunnel supports, the location of major joints and faults,
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and a summary of the geologic observations expressed in terms of average joint

spacing and average percentage of mineral alteration. A study of this map

suggests that the tunnel can be divided into zones with uniform support ranging

in length from 30 to 300 ft. The supports are subdivided into 6 classes:

(a) unsupported, (b) 4-inch ribs on 4- to 5-ft spacing, (c) 4-inch ribs on

2- to 3-ft spacing, (d) 6-inch ribs on 4- to 5-ft spacing, (e) 6-inch ribs on

2- to 3-ft spacing, (f) 6-inch ribs with invert struts. For each of the support

zones, an estimated RQD is calculated using the average joint spacing and peL-

cent alteration. An average joint spacing of greater than 1 ft is assigned an

RQD of 90 percent. Average joint spacing of 1/2 to 1 ft and less than 1/2 ft

are assigned average RQD's of 75 and 50 percent, respectively. The resulting

RQD estimate is further modified by the percent alteration. The percent altera-

tion, ranging from 0 to 100 percent in 5 to 10 percent increments, is subtracted

from the RQD based on joint spacing to provide the final estimate.

Figure 17.3 shows the results of these calculations. The support

classification is plotted against estimated RQD. This relationship, like those

presented by Scott and Carroll, showsconsiderable overlap between support zones,

but the average rock quality for each support classification decreases with

increasing support requirements.

To support these RQD estimates, the seismic velocities for the deep

layer reported by Scott and Carroll (1967) are used to estimate Velocity Indices.

As laboratory velocities are not available, the highest seismic velocity,

20,000 fps, was used as the intact velocity. This value is a reasonable estimate

for gneiss and schist based on laboratory tests on similar rock. The higher

velocity is obtained in the best rock on the site that had an average fracture

spacing greater than 1 ft and no mineral alteration. A Velocity Index of 1.00

was assigned to this rock. The lowest velocity reported was approximately

14,000 fps in a rock with fracture spacing less than one-half foot and a con-

siderable amount of mineral alteration. The Velocity Index calculated for this

rock is 0.49. Using the relationship presented in Section 6, these Velocity

Index values are converted into RQD's. A Velocity Index of 1.00 corresponds to

an RQD of approximately 100 percent while the Velocity Index in poor rock corre-

sponds to an RQD of 56 percent. The support in these sections of the tunnel

suggest average RQD's of 80 and 65 percent respectively which indicates that

the estimated RQD's are reasonable.
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5. Summary of Support Data

The three case histories presented above suggest that support

requirements can be related to rock mass quality. The Pigeon River case

history indicates that RQ values distinguish between a site requiring little

or no support and one requiring heavy steel support. The Tehachapi data indi-

cates that a change from rock bolt to steel support occurs when the RQD drops

below the range of 50 to 60 percent. The Straight Creek data indicates that

unsupported sections have an RQD of 70 to 100 percent, light steel support

ranges from 65 to 80 percent, and the heavy steel support is required in an

RQD of less than 60 percent.

The above case histories, others from the literature, and private

consulting files are summarized in Table 17.1. Figure 17.4 is a plot of rock

quality versus tunnel width or span using the data in Table 17.1. Each point

shows the type of support and the calculated or estimated rock quality.

Although the data are somewhat limited there is a suggestion that support

requirements can be generalized into minimum, intermediate, and maximum zones

as suggested by the dashed boundary lines. Although many factors influence

the selection of supports, it is felt that the investigation method presented

herein can be used to relate data from various sites.
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SECTION 18

CONCLUSIONS AND RECOMMENDATION FOR FUTURE RESEARCH

I. Engineering Classification of In-Situ Rock

The Engineering Classification of In-Situ Ro.-k presented in Section 6

is based upon two indices of rock quality, the RQD and the Velocity Index. The

RQD is a modified core recovery which includes only those pieces of sound core

4 inches (0.35 ft) or longer. The Velocity Index is the square of the ratio of

field velocity to laboratory velocity. The field velocity is measured by either

seismic or sonic tests. The laboratory velocity is measured by a sonic test on

a saturated cylinder of core under a 3,000 psi axial load. According to the

value of the RQD or Velocity Index, in-situ rock is described as Excellent, Good,

Fair, Poor, or Very Poor.

Correlations of in-situ test data and the RQD and in-situ test data

and the Velocity Index presented in Sections 12 to 17 suggest that the engi-

neering classification can be used to estimate in-situ deformability, rate of

tunneling, and underground support requirements. These results are summarized

in Table 18.1 and in the following paragraphs.

2. Measurement of In-Situ Deformability

a. General

The deformation characteristics of in-situ rock can be measured by

static or dynamic tests. The static tests include the plate Jack, pressure

chamber, radial Jack, borehole deformation, and cable tests. Dynamic moduli of

in-situ rock can be calculated from seismic tests and sonic logging in explora-

tory borings. Although the velocity measurements do reflect the presence of

jointing and weathering of the rock mass, the dynamic moduli are consistently

higher than the moduli measured by static tests at the same location. The

discrepancy is apparently a result of the difference in the stress level and

rate of loading involved in the two types of testing. Because the loading con-

ditions in the static tests are closer to those of engineering structures, the

static test moduli should be used for engineering design and the dynamic moduli

should be used as an index of rock quality.
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b. Pressure Chamber and Radial Jack Tests

The pressure chamber test is probably the most ideal static test as

it loads the largest volume of rock and allows simultaneous measurement of

deformation in several directions. The high installation cost, however, limits

the use of this test to relatively large engineering projects. In fact, only

one series of pressure chamber tests has been run in this country although

they are fairly common at hydroelectric projects in other countries. The most

important applications of this test are the design of pressure tunnels and to

determine the foundation modulus for arch dams.

The radial jack test has been developed in recent years to overcome

the high installation cost of the pressure chamber test while at the same time

loading a large volume of rock. In contrast to the pressure chamber test which

is a permanent installation, the radial jack test is a temporary installation

which can be rapidly assembled for a test and then disassembled and moved to

another test location.

c. Plate Jack Test

In rocks with medium to close joint spacing, plate Jack tests using

large diameter flexible plates should give moduli suitable for design purposes.

The use of small diameter rigid-plate tests is not desirable because the test

does not load a large enough volume of rock and the stresses under a rigid plate

are difficult to evaluate. On sites where the joints are widely spaced, even

large diameter flexible plate setups may give erroneous results. Some designers

are trying to overcome this limitation by using i'lexible plates up to 1.6 meters

in diameter in a typical plate-jack setup or large flat jacks in slots drilled

or sawed into the rock mass.

d. Other Tests

Other in-situ tests use borehole deformation devices and methods for

loading large areas by means of cable tendons. Borehole deformation devices

offer an inexpensive and rapid method of measuring in-situ deformation charac-

teristics in an exploratory boring. Most of the devices, however, are small

diameter to reduce the cost of drilling the test hole and to increase the

portability of the instrument. The use of a small diameter boring decreases the

accuracy of the instrument because a smaller, and hence less representative,

area is loaded during the test.

Several deformation test setups have been proposed using one or more

reinforced concrete blocks loaded by means of cable tendons anchored in the
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rock mass. By using a large concrete block and several cables, it is possible

to develop relatively high contact pressures on a rock surface comparable in

area to that loaded by a pressure chamber test. This test is less expensive

than the pressure chamber test in foundation testing for large buildings, bridges,

and even arch dams because it does not require a test adit and the test block can

be incorporated into the foundation of the structure.

c. Conclusions

With the exception of the small diameter rigid plate Jack test, each

of the tests described has characteristics which favor its continued use in

field testing. In theory, the pressure chamber, radial Jack, and cable tests

are the most desirable but economic considerations will probably continue to

favor the plate jack test at many sites. Borehole deformation tests are the

least desirable but they may provide approximate moduli where more expensive

testing methods cannot be justified.

3. Relationship of Classification and In-Situ Deformability

Correlation of in-situ deformation moduli suggests that they depend on

the type ui deformation test used, the method of evaluating the load-deformation

curves, and the characteristics of the rock. A limited number of comparisons

indicate that pressure chamber tests yield lower deformation modUi tban plate

jack tests, and that the plate jack moduli are lower than borehole deformation

moduli. This observation indicates that the modulus of in-situ rock decreases

with an increase in the size of the loaded area. Examination of a large number

of load deformation curves suggests that a uniform method of defining test moduli

is essential for comparison of test results. It is suggested that the results

of each deformation test include a modulus of deformation determined by the

maximum pressure and the maximui deformation measured in the test, and a modulus

of elasticity determined from the slope of the rebound curve from maximum

pressure to zero pressure.

When a series of tests are performed with the same test equipment and

using the same method to analyze the loa,-deformation curves, it is possible to

compare the moduli with the characteristics of the rock mass. Correlation of

in-situ moduli with the direction of loading (perpendicular and parallel to

bedding) and the orientation of the test (vertical and horizontal) show that

che parallel and horizontal tests yield higher moduli. Scatter .n these
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relationships indicate that the moduli are related to these and other charac-

teristics which col:,ectively determine the deformability of the rock mass.

A comparison of in-situ moduli and RQD is presented in Figures 14.2

and 14.3. Consistent trends in both graphs suggest that the RQD can be used

to predict in-situ modulus. However, the data used in these graphs represent

a relatively limited range of in-situ conditions. The graphs, for instance,

do not include tests on highly deformable rocks such as weak sandstones or

shales with in-situ moduli less than 1 million psi. If such data were included

the RQD would probably not appear to have a unique correlation with modulus.

This possibility, which appears to be a very real limitation of these graphs,

can be eliminated by expressing the deformability as a ratio of the modulus

of in-situ rock to the intact or laboratory modulus.

In Section 14 this ratio, referred to as the Modulus Ratio, is calcu-

lated using both the in-situ modulus of deformation and modulus of elasticity

to define the field deformability and the laboratory static and dynamic moduli

to define the intact deformability. By combining these moduli a total of four

Modulus Ratios can be calculated. A comparison of the four Modulus Ratios with

RQD and Velocity Index is presented in Figures 14.6 to 14.13. Each graph has

about the same trend but the RQD versus Modulus Ratio graphs have a higher

correlation. The RQD graphs all show a rapid decrease in the Modulus Ratio to

about 0.2 as the RQD decreases from 100 to 60 percent. When the RQD is less

than 60 percent, the Modulus Ratio is generally less than 0.2 but the data in

this range is too limited to define the relationship.

The graphs of Velocity Index versus Modulus Ratio have a greater

scatter than the RQD versus Modulus Ratio Xhich is apparently due to a difference

in the scale of the tests rather than a failure of the Velocity Index to measure

rock quality correctly. For this reason it is suggested that the RQD versus

Modulus Ratio graphs be used to develop the relationship between rock quality

and deformability, and velocity measurements can be used in these relationships

by first converting them to an equivalent RQD (Figure 6.1).

4. Relationship of Classification and Rate of Construction of Tunnels and Shafts

In Section 16, the rock quality expressed by RQD, fracture frequency,

and geophysical measurements is compared with the rate of construction. The

comparisons indicate an almost linear relationship over the range of Fair to

Excellent rock with construction rates increasing about 100 percent. The data
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do not indicate a means of estimating absolute rate of construction, but rather

relative rates when the method of construction and geology are similar. The

data also does not provide information on Poor and Very Poor rock. Experience

indicates that the rates are much lower in these rock quality categories and

it is expected that the overall rock quality to rate of advance relationship

will be curvilinear.

5. Relationship of Classification and Support Requirements

Section 17 presents the relationship between rock quality and the

support requirements of underground openings. A limited amount of data indi-

cates that the support requirements can be predicted in a general manner from

rock quality and the width of the opening (Figure 17.4). From these data zones

of minimum, intermediate, and heavy support are suggested.

6. Relationship of Classification and In-Situ Permeability and Slope Stability

A comparison of in-situ permeability measurements and rock quality

indicates that they are independent properties of the rock mass. While this

observation limits the application of the proposed classification, it suggests

that these two properties may be used together to provide a more complete picture

of in-situ conditions.

While this investigation did not include an evaluation of the relation-

ship between slope stability and rock quality measurements, the nature of slope

stability problems indicates that rock quality measurements can be used at

least qualitatively in some problems. Slope stability problems are generally of

two classes. The first deals with near surface ravelling caused by slippage

along a large number of geological discontinuities. Rock quality measurements

which express the average spacing of the geological discontinuities should assist

in evaluating this kind of slope stability problem. The second class of slope

stability problem involves deep-seated movement along one adversely oriented

geological discontinuity. Rock quality measurements would probably be of

little assistance in this problem because it involves a geologic detail rather

than the general character of the rock mass.

7. Recommendations for Future Research

a. Nearly all the data presented in this investigation are from rock

classed as Fair to Excellent. Although zones of poor rock are commonly quite
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limited on construction sites, their presence may require significant design

changes. For this reason it is important to extend the relationships presented

to include Poor and Very Poor rock.

b. The Modulus Ratio versus RQD or Velocity Index relationship represent

a limited sampling of rock types. Six of the sites are in gneiss or schist,

two are in sandstone, two are in limestone, and two are in flow rocks. Addi-

tional studies of other rock types should be made to complete the relationships.

c. The correlations between the Modulus Ratio and Velocity Index are

inferior to those using RQD as the rock quality measurement. The correlation

between the Velocity Index and RQD (Figure 6.1) shows that the indices are of

about equal sensitivity. The scatter in the Modulus Ratio versus Velocity Index

graphs is probably the result of a difference in scale between the static and

dynamic tests. The use of small-scale seismic or sonic testing at the location

of in-situ testing should provide a rock quality versus Modulus Ratio relation-

ship as sensitive as those developed from RQD measurements.

d. While the RQD logging system offers an easily performable and

reproducible measure of rock quality, it cannot determine the subtle character-

istics of the discontinuities which significantly affect in-situ tests. Esti-

mates of joint openness and filling made from core observation are often inade-

quate. These characteristics, which are especially critical in the first 5 to

10 ft of rock immediately beneath the loaded surface of an in-situ test, could

be measured by borehole camera, television, or periscope observations. Such

observations, when combined with the RQD or Velocity Index, might improve the

relationships presented in Section 14.

e. The correlations between rock quality and rate of construction, and

rock quality and support requirements represent a rapid means of comparing and

predicting these important construction factors within broad limits. The

reliability of these techniques should improve appreciably as additional exper-

ience is obtained and correlated with the rock quality measurements.
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